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ABSTRACT 
High performance steels (HPS) are providing new opportunities to design cost-
effective steel bridges that take advantage of the high strength, corrosion resistance, 
fracture toughness, and weldability of HPS.  Under certain conditions, however, HPS 
bridge girder designs are controlled by design limits that are not influenced by steel 
strength and the use of HPS may be uneconomical.  To overcome some of these design 
limits, I-shaped girders with tubular flanges have been proposed.  This report focuses on 
concrete-filled tubular flange girders (CFTFGs) in positive bending regions where the 
concrete-filled tube is the compression flange.  
Design criteria for CFTFGs were proposed and an initial design study that shows the 
advantages of these girders compared to conventional I-girders was conducted.  The 
CFTFGs were assumed to be either fully-composite with the deck or non-composite.  The 
conventional I-girders were assumed to be fully-composite with the deck.  The designs 
were minimum steel weight designs.  The results from the initial design study indicate 
that composite CFTFGs are significantly lighter than composite conventional I-girders, 
even when a large diaphragm spacing is used. 
Finite element (FE) models of CFTFGs were developed.  Using these models, a 
parametric study was conducted to investigate the influence of girder geometry and 
material strength on the flexural strength.  A single unbraced length was considered for 
the parametric study based on the assumption that at locations where girders are braced 
by diaphragms, the girders are perfectly braced laterally and torsionally.  Design flexural 
strength formulas for construction and service conditions were developed based on the 
results of the parametric study. 
A parametric study of FE models of CFTFGs braced torsionally without lateral 
bracing was conducted.  The influence of initial geometric imperfections and torsional 
brace stiffness on the flexural strength of torsionally braced CFTFGs was investigated.  
Design flexural strength formulas for torsionally braced CFTFGs were developed based 
on the results of the parametric study. 
An experimental study of non-composite CFTFGs, showing the advantages of 
CFTFGs and illustrating their ability to carry factored design loads under construction 
and service conditions, was conducted.  The CFTFG test specimens supported loads 
exceeding their design loads, with limit states occurring as expected, and without 
unexpected vertical deflections or lateral displacements.  Comparisons of experimental 
and FE analysis results indicate that the detailed behavior of CFTFGs can be accurately 
estimated using FE models. 
The following conclusions were drawn.  CFTFG bridges require less steel weight, 
and less fabrication and erection effort than conventional I-girder bridges.  The proposed 
design flexural strength formulas considering torsional brace stiffness are recommended 
for the flexural strength of CFTFGs with torsional bracing provided by typical 
diaphragms.  CFTFGs should be designed to have at least three evenly spaced 
intermediate transverse stiffeners to control cross-section distortion and thereby to 
maintain the lateral torsional buckling (LTB) strength.  The structural behavior of 
CFTFGs, including the bending stiffness, neutral axis location, yield moment, and cross-
section flexural capacity, can be estimated from cross-section analysis. 
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CHAPTER 1  
INTRODUCTION 
 
1.1 OVERVIEW 
High performance steels (HPS) are providing new opportunities to design cost-
effective steel bridges that take advantage of the high strength, corrosion resistance, 
fracture toughness, and weldability of HPS.  In the U.S., ASTM standards for two grades 
of HPS (A709 HPS 485W and HPS 690W) are approved, and more than 100 highway 
bridges have been constructed using HPS 485W.  For example, a two-span (two 71.8 m 
spans) continuous I-girder bridge, designed by the Tennessee Department of 
Transportation and completed in 1997, exploited the high strength of HPS 485W, 
resulting in a 24% decrease in steel weight, compared with the original design using 345 
MPa steel.   
Previous design studies of steel I-girder bridges (e.g., Homma and Sause 1995) have 
shown that significant decreases in I-girder weight can be achieved using HPS with a 
yield stress of 485 MPa (i.e., HPS 485W).  However under certain conditions, I-girder 
designs are controlled by design limits not influenced by steel strength, and the use of 
HPS 485W may not result in decreases in I-girder weight.  These design limits include 
(Sause and Fisher 1996): (1) web bend buckling in positive moment regions under 
construction loads (e.g., deck placement) before the I-girder is composite with the 
concrete deck; (2) lateral-torsional buckling (LTB) in positive moment regions under 
construction loads (e.g., deck placement) before the I-girder is composite with the deck; 
and (3) fatigue of Category C' details in positive moment regions where transverse plates 
(e.g., stiffeners and diaphragm connection plates) are welded near the bottom flanges of 
I-girders. 
Several innovative steel bridge girder systems have been proposed to overcome these 
design limits, including girders with corrugated webs, girders with tubular flanges, and 
girders with composite webs (Wassef et al. 1997, Sause and Fisher 1996).   
Research on I-shaped girders with tubular flanges is presented in this report.  
Concrete-filled tubular flange girders (CFTFGs) have several advantages, including: (1) 
the concrete-filled tubular flange provides more strength, stiffness, and stability than a 
flat plate flange with the same amount of steel, and (2) the vertical dimension of the tube 
reduces the depth of the web, overcoming problems with web slenderness design limits.  
This research focuses on CFTFGs for simple span bridges. In this application, the 
concrete-filled tube is used as the top (compression) flange, which is either composite or 
non-composite with the concrete deck. 
 
1.2 RESEARCH OBJECTIVES 
The objectives of this research are as follows: 
(1) To investigate the flexural strength and stability of CFTFGs. 
(2) To compare CFTFGs with conventional steel I-girders. 
(3) To develop finite element (FE) models for investigating the influence of girder 
geometry, material strength, initial geometric imperfections, and torsional bracing 
stiffness on the behavior of CFTFGs. 
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(4) To provide experimental data demonstrating the advantages of CFTFGs over 
conventional I-girders, and demonstrating their ability to carry factored design loads. 
(5) To develop and recommend design criteria for CFTFGs. 
 
1.3 RESEARCH SCOPE 
To accomplish these objectives, the following research tasks were conducted. 
 
Initial Design Study 
Minimum steel weight CFTFGs were designed for a prototype bridge and compared 
with minimum steel weight conventional I-girders.  The prototype bridge has a simply-
supported single span of 40.0 m and a width of 15.2 m.  The concrete deck is 254 mm 
thick with a specified minimum compressive strength of 27.6 MPa.  The bridge has four 
straight girders equally spaced at 3.8 m with 1.9 m deck overhangs.   
The conventional I-girders were designed with HPS 485W steel and assumed to be 
fully-composite with the deck.  The CFTFGs were assumed to be either fully-composite 
with the deck or non-composite.  The composite CFTFGs were designed with HPS 485W 
steel and 27.6 MPa concrete.  The non-composite CFTFGs were designed with the 
following combinations: (1) HPS 485W steel and 27.6 MPa concrete, and (2) HPS 690W 
steel and 55.2 MPa concrete.   
The design study considered cases with different numbers of diaphragms, with 
stiffened and unstiffened webs, and with different fatigue details.  Design criteria for 
strength, stability, service, and fatigue were used in the CFTFG design study.  AASHTO 
LRFD specifications (1998) for web stability, shear strength, and fatigue of I-girders 
were used without modification.  New design criteria for both composite and non-
composite compact-section positive flexural strength assuming the CFTFGs are perfectly 
braced by the deck, and new design criteria for non-composite positive flexural strength 
considering LTB and/or yielding during construction when the CFTFGs are braced by 
diaphragm were developed.   
 
FE Parametric Study 
The general purpose finite element package ABAQUS was used for a parametric 
study of CFTFGs.  The parametric study investigated the influence of girder geometry 
and material strengths on the behavior of CFTFGs.  The study focused on strength and 
stability limit states.  The diameter-to-thickness ratio of the tube, the depth-to-thickness 
ratio of the web, width-to thickness ratio of the bottom flange, and length of the girder 
were varied.  HPS-70W and HPS-100W steels and 27.6 MPa and 55.2 MPa concrete 
strengths were used.  Based on the parametric study results, transverse stiffeners were 
introduced to increase the LTB strength by reducing cross-section distortion, and design 
flexural strength formulas for CFTFGs, considering LTB and/or yielding, were developed.  
Separate formulas were developed for construction and service conditions.  The design 
flexural strength formulas were based on the assumption that at girder brace points, the 
girders are perfectly braced laterally and torsionally.  Therefore, the unbraced length was 
defined as the distance between two brace points.   
An additional parametric study was conducted for the girders braced torsionally 
without lateral bracing.  The parametric study investigated the influence of initial 
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geometric imperfections and the stiffness of the torsional braces on the behavior of 
torsionally braced CFTFGs.  The girder geometry and material strengths were held 
constant in this study.  Based on the parametric study results, design flexural strength 
formulas for torsionally braced CFTFGs, considering LTB and/or yielding, were 
developed. 
 
Experimental Study 
Non-composite CFTFGs were selected for the experimental study.  The geometry of 
the test girders was chosen based on the results of the initial design study for the 
prototype bridge.  HPS 690W steel and 55.2 MPa concrete were selected for the test 
girders.  To reduce the size and cost of the test specimens, a 0.45 scale factor was used.   
Two conditions were studied.  The first is construction conditions, where the flexural 
strength is controlled by the LTB strength.  The second is service conditions, where the 
flexural strength is controlled by the cross-section flexural capacity.  The maximum test 
loads were greater than the factored design loads.  For construction conditions, to prevent 
yielding and permanent deformation of the girders during the tests, the maximum test 
loads were less than the loads causing either initiation of yielding or excessive lateral 
displacement.  For service conditions, to prevent sudden failure during the tests, the 
maximum test loads were less than the loads causing failure. 
 
Design Recommendations 
From the comparison of proposed design flexural strength formulas with the 
experimental and FE results, the adequacy of the design approach used for the initial 
design study was checked and improvements were made where needed.  Based on these 
results, final design criteria are recommended. 
 
1.4 REPORT OUTLINE 
Chapter 2 presents background information related to this research.  General 
information about HPS including its development, properties, main advantages, and the 
application to bridge I-girders is presented.  Existing design formulas related to LTB are 
also presented. 
Chapter 3 summarizes the initial design study of CFTFGs for a prototype single span 
bridge.  The design criteria used in the initial design study and the results of the design 
study are presented. 
Chapter 4 presents the development of FE models of CFTFGs.  FE models of 
unstiffened hollow tubular flange girders (US-HTFGs) are developed first.  Concrete 
within the steel tube is then modeled and combined with the FE models of the US-
HTFGs to develop the FE models of the unstiffened concrete filled tubular flange girders 
(US-CFTFGs). 
Chapter 5 presents the results of a parametric study of FE models of stiffened 
CFTFGs (S-CFTFGs).  Ideal design flexural strength formulas for S-CFTFGs, 
considering LTB and/or yielding, are developed based on the results of the parametric 
study.  The ideal design flexural strength formulas for S-CFTFGs presented in this 
chapter are based on the assumption that the girders are perfectly braced laterally and 
torsionally at girder brace points.  In this chapter, the need for transverse stiffeners to 
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increase the LTB strength by preventing cross-section distortion is summarized and a 
suitable stiffener arrangement is suggested.   
Chapter 6 presents the results of a study of FE models of torsionally braced S-
CFTFGs.  Design flexural strength formulas for torsionally braced S-CFTFGs, 
considering LTB and/or yielding, are developed based on the results of analytical study.  
This chapter also summarizes prior research regarding torsional bracing.  Additionally, 
analytical studies for torsionally braced conventional I-girders are conducted and the 
adequacy of the approach to LTB strength in the current AASHTO LRFD specifications 
(AASHTO 2004) (i.e., at interior diaphragms, the girders are assumed perfectly braced 
laterally and torsionally) for torsionally braced conventional I-girders is discussed. 
Chapter 7 presents the experimental program.  The design and fabrication of the test 
specimens are summarized.  FE models of the test girders used for the preliminary 
analysis and the preliminary analysis results are presented. 
Chapter 8 presents the details of the test setup, procedure, and instrumentation used 
in the tests.  The loading conditions used in the tests and an analysis of the bending 
moments from the test loads are described. 
Chapter 9 presents experimental results and compares these results with analytical 
results from FE models.  The FE models of the test girders used for the comparison with 
the test results are described.  Finally, a detailed investigation of the lateral displacements 
of the test girders is presented. 
Chapter 10 summarizes recommended design criteria for CFTFGs, improved from 
the design criteria used for the initial design study, based on a comparison of proposed 
design flexural strength with experimental and FE results.  
Finally, Chapter 11 presents a summary, conclusions, and future work. 
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CHAPTER 2  
BACKGROUND 
 
2.1 INTRODUCTION 
The background related to the presented study is summarized in this chapter.  
General information about high performance steel (HPS) including the development of 
HPS, HPS properties, the main advantages of HPS, and the application of HPS to bridge 
I-girders is presented in Section 2.2.   
Equations related to lateral torsional buckling (LTB) are presented in Section 2.3.  
The derivation of the theoretical equations is reviewed and provisions from the 1998 
AASHTO LRFD Bridge Design Specifications (AASHTO 1998) and other specifications 
are summarized.  Based on a comparison between the 1998 AASHTO LRFD LTB 
formulas for I-girders with stocky webs and formulas given by other specifications, a 
linear function of the unbraced length is proposed to estimate the inelastic LTB strength 
for stocky web I-girders.  The proposed straight line transition (SLT) combined with the 
1998 AASHTO LRFD LTB formulas is presented.  Finally, provisions from the 2004 
AASHTO LRFD Bridge Design Specifications (AASHTO 2004) are presented. 
 
2.2 HIGH PERFORMANCE STEEL (HPS) 
The steels most commonly used in current steel girder highway bridge construction 
in the U.S., Japan, and Europe have a yield stress around 345 MPa (50 ksi).  In the U.S., 
the yield stress is the property of steel that is of greatest concern in bridge design.  As a 
result, steels with high strength have been developed and have been used since 1950’s.  
From a current metallurgical point of view, a yield stress more than 450 MPa (65 ksi) is 
considered to be high strength.  However, traditional high strength steels, developed in 
the 1950s through 1980s for bridge construction in the U.S. were unsatisfactory.  These 
steels were found difficult to fabricate and therefore have not been widely used due to the 
following problems: (1) poor weldability (susceptibility to hydrogen cracking), (2) 
inadequate fracture toughness, and (3) the potential for brittle fracture (Fisher and Dexter 
1994).  In the past, increased strength was achieved by a high carbon content, usually 
between 0.15% to 0.20%, and increasing hardenability of the steel through alloy 
additions to make it responsive to heat treatments.  These approaches, however, were 
accompanied with decreased weldability and often decreased fracture toughness.  
Increased susceptibility to hydrogen cracking was caused by the high carbon content 
(exceeding 0.10%) resulting in decreased weldability.  Bridges fabricated in the 1960’s 
and early 1970’s from high strength steels (ASTM A514/A517 steel with a yield stress of 
690 MPa (100 ksi)) suffered from hydrogen cracking during fabrication (Fisher 1984).  
Hydrogen cracking occurs in welds due to presence of hydrogen, tensile stress, and a 
susceptible micro-structure.  Hydrogen cracking is most effectively eliminated by using 
steel and weld metal with micro-structures that are not susceptible (Fisher and Dexter 
1994).   
Recent advances in steel making have resulted in the use of microalloying, controlled 
rolling combined with on-line accelerated cooling (i.e., thermo-mechanical controlled 
processing (TMCP)), and heat treatment (e.g., reheat, quench, and temper) to produce 
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low carbon steels with high strength, good weldability and high fracture toughness 
(Fisher and Dexter 1994).  These steels are generally called high performance steel (HPS).  
HPS also has good resistance to atmospheric corrosion, because of their “weathering” 
characteristic.  When weathering steels are exposed to the atmosphere, a protective oxide 
layer is formed to effectively seal the surface and prevent moisture from reaching the 
base metal. 
In the current ASTM specifications (ASTM 2004), two grades of HPS (HPS 485W 
and HPS 345W) for highway bridge construction are included.  HPS 485W and HPS 
345W have specified minimum yield stresses of 485 MPa (70 ksi) and 345 MPa (50 ksi) 
respectively.  Most recently, extensive research by Gross and Stout (2001) has resulted in 
a new grade of HPS having a specified minimum yield stress of 690 MPa (100 ksi).  
Based on these studies, a specification for ASTM A709 Grade HPS 690W has been 
proposed and approved.   
 
2.2.1 HPS IN I-GIRDER BRIDGES 
The HPS is an important new technology for the construction of steel highway 
bridges. The use of HPS in highway bridges offers potential savings in construction costs 
compared with conventional steel.  The potential for using HPS in steel I-girder highway 
bridges has been studied at Lehigh University.  Homma and Sause (1995) investigated 
the potential for using HPS to reduce the weight of welded steel I-shaped girder bridges. 
This research compared minimum weight girder designs using either HPS or 
conventional steel. The investigation was based on original designs of a simple-span 
composite steel I-girder bridge (the Lehigh Street Bridge) and a continuous-span 
composite steel I-girder bridge (the Delaware River Bridge), which are parts of Interstate 
Highway I-78 in Pennsylvania.  The existing bridge girders were redesigned in HPS and 
in conventional steel according to the 1993 AASHTO LRFD Bridge Design 
Specifications (AASHTO 1993).   
This study observed that there are two significant obstacles to the effective use of 
HPS with high strength in current highway bridge designs.  The obstacles are: (1) the 485 
MPa (70 ksi) limit on the use of the plastic moment capacity for compact girder cross-
sections, and (2) the fatigue limit state for Category C' details.  HPS with 485 MPa (70 
ksi) yield stress appeared to have potential in highway bridges designed under 1993 
AASHTO LRFD specifications (AASHTO 1993).  However, the use of HPS with yield 
stress of 585 MPa (85 ksi) or more could be viable if the limitation on the use of compact 
section criteria could be eliminated, and if Category C' details could be eliminated or 
replaced with Category B details.  Figure 2.1 shows typical results for the Lehigh Street 
Bridge at midspan.  The weight is normalized by the result of a design using a steel with 
yield stress of 345 MPa (50 ksi).  As shown in Figure 2.1 the reduction of weight with 
increasing yield stress is generally observed in all three cases.  However, when the yield 
stress is between 485 MPa (70 ksi) and 585 MPa (85 ksi), an increase in weight is 
observed in two cases.  This is due to the 485 MPa (70 ksi) limit on the use of the plastic 
moment capacity even for compact girder cross-sections in the 1993 AASHTO LRFD 
specifications (AASHTO 1993).  The difference between the two cases indicated by the 
solid circles and the hollow squares is due to the improvement of the fatigue details from 
Category C' to Category B.  A similar investigation was conducted by Czaplicki et al. 
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(1996).  Web slenderness design limits related with web stability and service deflections 
were also found to be critical for I-girders designed with high strength HPS.   
 
2.3 LATERAL TORSIONAL BUCKLING (LTB) OF I-GIRDERS 
2.3.1 THEORETICAL EQUATIONS 
The differential equations for lateral torsional buckling (LTB) of an I-girder under 
in-plane loading conditions are presented by Galambos (1978) based on a buckled 
position with small displacements (see Figure 2.2) as follows: 
0M2MuIE ''x
''
x
iv
y =φ+φ+                                                                                 (2.1) 
0uMM)MKG(IE ''x
'
x
'
x
''
xxT
iv
w =+φβ−φβ+−φ                                             (2.2) 
where, E  is the elastic modulus, G  is the shear modulus, TK  is the St. Venant torsional 
constant, yI  is the moment of inertia about the minor axis (y), wI  is the warping moment 
of inertia, xβ  is the monosymmetry section property, u  is the lateral deflection of the 
shear center, φ  is the angle of cross-section twist about the shear center, xM  is the 
moment about the major axis (x) and 'xM  is the moment gradient.  Note that the 
derivation of the differential equations presented above is based on the following 
assumptions: (1) the material is elastic, (2) the members are prismatic and straight, (3) the 
cross-sections are thin-walled and open, and (4) the shape of the cross-section remains 
unchanged. 
For an I-girder subjected to uniform bending moment, the moment xM  at any cross-
section is constant (i.e., ox MM = ) and the moment gradient 'xM  is zero.  In this case the 
differential equations for LTB are as follows (from Equation (2.1) and (2.2)):  
0MuIE ''o
iv
y =φ+                                                                                                 (2.3) 
0uM)MKG(IE ''o
''
xoT
iv
w =+φβ+−φ                                                               (2.4) 
With specified boundary conditions, the moment at LTB can be obtained by solving 
Equations (2.3) and (2.4).  For an I-girder with simply supported boundary conditions 
( 0uu '''' =φ==φ=  at the supports), the solution of Equations (2.3) and (2.4) is 







 +π+β+β
π=
y
w
y
2
2
T2
xx2
y
2
n I
I
IE
LKG
4
L2
IE
M                                                       (2.5) 
where, L  is the length between the supports.   
wI  can be calculated simply by assuming that the web does not contribute resistance 
to warping as follows: 
2
2yt
2
1ycw hIhII +=                                                                                                (2.6) 
where, ycI  and ytI  are the moments of inertia of the compression and tension flanges 
about the minor axis (y), respectively, and 1h  and 2h  are the distances from the shear 
center to the center of top and bottom flanges, respectively.   
TK  can be calculated simply by assuming that the section is composed of thin 
rectangular elements as follows: 
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3
T tb3
1K ∑=                                                                                                          (2.7) 
where, b  is the width and t  is the thickness of each rectangular element (i.e., the flanges 
and web).   
xβ  can be calculated from the section dimensions and the coordinates of the shear 
center as follows: 
( ) ( ) ( )
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

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
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−
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=β                                (2.8) 
where, tb  and tt  are the width and thickness of the bottom (tension) flange, respectively, 
cb  and ct  are the width and thickness of the top (compression) flange, respectively, wt  is 
the web thickness, h  is the distance between flange centroids, y  is the distance from the 
centroid to the center of the top flange, and oy  is the distance from the shear center to the 
centroid. 
For a doubly symmetric cross-section, xβ  is equal to zero.  The LTB moment, 
therefore, can be expressed by neglecting xβ  in Equation (2.5) as follows: 



 π+π= 2
T
w
2
Tyn LKG
IE
1KGIE
L
M                                                                         (2.9) 
 
2.3.2 1998 AASHTO LRFD BRIDGE DESIGN SPECIFICATIONS  
The 1998 AASHTO LRFD Bridge Design Specifications (AASHTO 1998) provide 
non-composite section flexural strength formulas based on LTB.  The 1998 AASHTO 
LRFD LTB formulas distinguish girders with slender webs from girders with stocky 
webs by the following equation, when longitudinal stiffeners are not used: 
yc
b
w
c
F
E
t
D2 λ≤                                                                                                     (2.10) 
where, cD  is the web depth in compression in the linear elastic range, ycF  is the yield 
stress of the compression flange, and bλ  is a coefficient related to the boundary 
conditions provided to the web by the flanges.  If the area of the compression flange is 
less than that of tension flange, the value of bλ  is based on the theoretical elastic bend 
buckling coefficient, k, of 23.9 for simply supported boundary conditions.  Thus, the 
value of bλ  in Equation (2.10) is 4.64.  Otherwise, the value of bλ  is based on a value of 
k between the value for simply supported boundary conditions and the theoretical k value 
of 39.6 for fixed boundary conditions.  In this case, the value of λb in Equation (2.10) is 
5.76.   
For a girder section with a longitudinally stiffened web or satisfying Equation (2.10), 
the section is considered to have a stocky web and the LTB strength is obtained using the 
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following equation: 
ych
2
byc
T
b
yc
hbn MRL
d87.9
I
K772.0
L
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REC14.3M ≤

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

=                              (2.11) 
where, bC  is the moment gradient correction factor, hR  is the hybrid factor that accounts 
for the nonlinear variation of stresses caused by yielding of the lower strength steel in the 
web of a hybrid beam (a coefficient ≤  1.0 (AASHTO 1998)), bL  is the unbraced length, 
d  is the depth of the cross-section, and ycM  is the yield moment for the compression 
flange.  Equation (2.11) is simplified from Equation (2.5) by setting xβ  equal to 0, and 
making the following approximations. 
ycy I2I =                                                                                                                 (2.12) 
2
y
2
ycw dI4
1dI
2
1I ==                                                                                           (2.13) 
For a girder section without a longitudinally stiffened web or not satisfying Equation 
(2.10), the section is considered to have a slender web and cross-section distortion is 
assumed to be possible.  Thus, the St. Venant torsional stiffness is ignored (i.e., 0K T = ) 
in calculating the LTB strength.  Elastic and inelastic LTB strengths are presented 
differently.  The elastic LTB strength is: 
ychb
2
b
ryc
hbbn MRRL
L
2
M
RRCM ≤


=                                                               (2.14) 
where, bR  is the load-shedding factor that accounts for the nonlinear variation of stresses 
caused by local buckling of slender webs subjected to flexural stresses (a coefficient ≤  
1.0 (AASHTO 1998)) and rL  is the unbraced length limit for flexural capacity governed 
by inelastic LTB, which is given by 
ycxc
yc
r FS
EdI71.19
L =                                                                                               (2.15) 
In Equation (2.15), xcS  is the section modulus to the compression flange about the major 
axis (x).  Equation (2.14) is used when bL  is lager than rL .  The inelastic LTB strength 
is: 
ychb
pr
pb
ychbbn MRRLL
LL
5.01MRRCM ≤








−
−−=                                             (2.16) 
where, pL  is the unbraced length limit for flexural capacity governed by yielding, 
ychb MRR .  pL  is given by 
yc
tp F
Er76.1L =                                                                                                   (2.17) 
In Equation (2.17), tr  is the radius of gyration of the compression flange taken about the 
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vertical axis.  Equation (2.16) represents a straight line transition between ychb MRR  and 
ychb MRR5.0  and is used when bL  is between pL  and rL .   
 
2.3.3 OTHER SPECIFICATIONS  
LTB provisions in the 1998 AISC LRFD Manual of Steel Construction (AISC 1998) 
and 1990 Australian Steel Structures Standard AS4100 (SA 1990) are presented in this 
section.  Several LTB provisions from other specifications were summarized by Beedle 
(1991) and some of them are also presented herein. 
 
1998 AISC LRFD Manual of Steel Construction 
The 1998 AISC LRFD manual (AISC 1998) define LTB strength for beams 
differently than for girders.  However, if a girder does not have a slender web, according 
to web slenderness ratio (i.e., r
w
w
t
d λ≤ , where, wd  is the clear distance between flanges, 
wt  is the web thickness, and rλ  is the limiting slenderness parameter for non-compact 
webs), the LTB strength is estimated by the formulas used for beams.  Only the LTB 
strength for beams, which is comparable to the LTB strength for girders with stocky webs, 
is presented here.  Different equations for doubly symmetric sections and singly 
symmetric sections are specified. 
(1) For doubly symmetric sections 
• If rb LL > , then 
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• If rb LL ≤ , then 
( ) p
pr
pb
rppbn MLL
LL
MMMCM ≤








−
−−−=                                              (2.19) 
in which, 
yf
y
p F
r300
L =                                                                                                            (2.20) 
2
L2
L
1y
r FX11F
Xr
L ++=                                                                                    (2.21) 
xLr SFM =                                                                                                              (2.22) 
2
AEGK
S
X T
x
1
π=                                                                                                (2.23) 
2
T
x
y
w
2 GK
S
I
I
4X 


=                                                                                                 (2.24) 
=LF  the smaller of ( )ryf FF −   or  ywF  
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and, A  is the cross-sectional area, rF  is the compressive residual stress, yfF  is the yield 
stress of flange, ywF  is the yield stress of web, yr  is the minimum radius of gyration of 
the steel section with respect to the vertical axis, xS  is the section modulus about major 
axis (x), and pM  is the plastic moment. 
(2) For singly symmetric sections 
• If rb LL > , then 
( )[ ]2121Ty
b
b
n BB1BKIL
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• If rb LL ≤ , then 
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=rL   value of L for which  ( ) rbn M1CM ==  
and, wd  is the clear distance between flanges.  Note that rM  is obtained from Equation 
(2.22). 
 
1990 Australian Steel Structures Standard AS4100  
Different formulas for the LTB strength of doubly symmetric sections and singly 
symmetric sections are specified in AS4100.  The basic equation is 
sssmn MMM ≤αα=                                                                                             (2.29) 
in which, 
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eys ZFM =                                                                                                              (2.31) 
and, mα  is the moment distribution factor, sα  is the strength reduction factor, and eZ  is the 
effective section modulus. 
(1) For doubly symmetric sections 
T
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(2) For singly symmetric sections 
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in which, 
T
y
b
x
m GK
EI
L
β=γ                                                                                                    (2.34) 
 
Japan Standard for Limit Stage Design of Steel Structures (AIJ90b) 
Doubly symmetric sections and singly symmetric sections treated the same in AIJ90b.  
The LTB strength is given by  
nM  = uxbMφ                                                                                                         (2.35) 
• If pbb λ≤λ , then the strength is the plastic moment, and 
=φb  0.90 
pux MM =                                                                                                     (2.36) 
• If ebbpb λ≤λ≤λ , then the strength is controlled by inelastic LTB, and 
pbeb
pbb
b 05.090.0 λ−λ
λ−λ−=φ                                                                            (2.37) 
p
pbeb
pbb
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λ−λ−=                                                                        (2.38) 
• If beb λ≤λ , then the strength is controlled by elastic LTB, and 
=φb   0.85 
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in which, 
expb M/M=λ                                                                                                    (2.40) 
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4
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12b M/M=β                                                                                                          (2.43) 
and, 12 MM  is the ratio of the end moments within the unbraced length. 
 
Eurocode N.3: Common Unified Rules for Steel Structures, EUR 8849 EN (EC3 84) 
Doubly symmetric sections and singly symmetric sections are treated the same in 
EC3 84.  The LTB strength is given by  
1
M
M
pm
n ≤κ                                                                                                              (2.44) 
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in which, 
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and, xz  is the plastic section modulus about the major axis (x). 
 
2.3.4 PROPOSED INELASTIC LTB FORMULA FOR SECTIONS WITH 
STOCKY WEBS  
As noted in Section 2.3.2, an inelastic LTB formula for girders with stocky webs is 
not included in the 1998 AASHTO LRFD specifications (AASHTO 1998).  As a result, 
these specifications overestimate the inelastic LTB strength.  A linear function of 
unbraced length, therefore, has been developed to estimate the inelastic LTB strength for 
girders with stocky webs.  The proposed function is a straight line transition (SLT) from 
the elastic LTB strength at an unbraced length of rL  to the yield moment for the 
compression flange ( ycM ) at an unbraced length of pL .  If rb LL ≥ , the elastic LTB 
strength is estimated by Equation (2.11).  rL  is as follows: 
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Equation (2.48) was derived from Equation (2.5) by setting nM  equal to ycM5.0 .  The 
approximations given by Equations (2.12) and (2.13) were applied and xβ  is taken equal 
to zero.  If rbp LLL ≤≤ , the inelastic LTB strength is, therefore, estimated from the 
following formula: 
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where, pL  is obtained from Equation (2.17). 
The inelastic LTB strength estimated by the SLT are compared to those given by the 
other specifications.  Figure 2.3 to Figure 2.5 show the typical results for a doubly 
symmetric section, a larger tension flange section, and a larger compression flange 
section respectively.  All sections satisfy the stocky web limit of Equation (2.10).  As 
shown in Figure 2.3 to Figure 2.5, without the SLT, the inelastic LTB strength given by 
the 1998 AASHTO LRFD specifications (AASHTO 1998) is much higher than the 
strength given by the other specifications. 
 
2.3.5 2004 AASHTO LRFD BRIDGE DESIGN SPECIFICATIONS 
The 2004 AASHTO LRFD specifications (AASHTO 2004) provide flexural strength 
formulas based upon LTB for composite sections in negative flexure and non-composite 
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sections.  These specifications were not available at the beginning of the current research 
study, but become available near the end of the study.  The provisions specified in 
Appendix A of the 2004 AASHTO LRFD specifications (AASHTO 2004) apply to 
members that satisfy the following requirements: 
• The specified minimum yield stresses of the flanges and web do not exceed 485 
MPa (70 ksi), 
• The web satisfies the noncompact slenderness limit: 
ycw
c
F
E7.5
t
D2 <                                                                                            (2.50) 
and 
• The flanges satisfy the following ratio: 
3.0
I
I
yt
yc ≥                                                                                                        (2.51) 
Otherwise, only the provisions specified in Article 6.10.8 are applicable. 
 
Article 6.10.8 
The flexural strength specified in terms of a flange stress and based on LTB is taken 
as: 
• If pb LL ≤ , then 
ychbnc FRRF =                                                                                             (2.52) 
• If rbp LLL ≤< , then 
ychbychb
pr
pb
ych
yr
bnc FRRFRRLL
LL
FR
F
11CF ≤








−
−



 −−=                       (2.53) 
• If rb LL > , then 
ychbcrnc FRRFF ≤=                                                                                     (2.54) 
in which, pL  is the unbraced length limit for flexural capacity governed by compression 
flange yielding and is given by 
yc
tp F
Er0.1L =                                                                                                     (2.55) 
rL  is the unbraced length limit to reach the onset of nominal yielding in either flange 
under uniform bending considering compression flange residual stress effects and is 
given by 
yr
tr F
ErL π=                                                                                                        (2.56) 
crF  is the elastic LTB stress given by 
( )2tb
2
bb
cr rL
ERC
F
π=                                                                                                   (2.57) 
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tr  is the effective radius of gyration for LTB given by 



 +
=
cc
wc
c
t
tb
tD
3
1112
b
r                                                                                           (2.58) 
and yrF  is the compression flange stress at the onset of nominal yielding within the cross-
section, including residual stress effects, but not including compression flange lateral 
bending, taken as smaller of ycF7.0  and ywF , but not less than ycF5.0 , where ywF  is the 
yield stress of the web. 
 
Appendix A 
The LTB strength depends on the web plastification factor, which is presented first.  
Sections that satisfy the following requirement are considered to be compact web 
sections: 
)D(pw
w
cp
cpt
D2 λ≤                                                                                                      (2.59) 
in which, )D(pw cpλ  is the limiting slenderness ratio for a compact web, corresponding to 
wcp tD2 , and is given by 
rw2
yh
p
yc
)D(pw
09.0
MR
M
54.0
F
E
cp
λ≤



 −
=λ                                                                 (2.60) 
rwλ  is the limiting slenderness ratio for a noncompact web and is given by 
yc
rw F
E7.5=λ                                                                                                       (2.61) 
cpD  is the depth of the web in compression at the plastic moment, yM  is the yield 
moment taken as the smaller of ycM  and ytM , where, ytM is the yield moment for the 
tension flange. 
For sections that satisfy Equation (2.59), the web plastification factor, pcR , is taken 
as: 
yc
p
pc M
M
R =                                                                                                             (2.62) 
Sections that do not satisfy the requirement of Equation (2.27) but satisfy the 
following requirement are considered to be noncompact web sections: 
rww λ<λ                                                                                                                (2.63) 
in which, wλ  is the slenderness ratio for the web based on the elastic moment and is 
given by 
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w
c
w t
D2=λ                                                                                                              (2.64) 
and rwλ  is the limiting slenderness ratio for a noncompact web and is given by 
yc
rw F
E7.5=λ                                                                                                       (2.65) 
For sections that satisfy Equation (2.63), the web plastification factor, pcR , is taken 
as: 
yc
p
yc
p
)D(pwrw
)D(pww
p
ych
pc M
M
M
M
M
MR
11R
c
c ≤







λ−λ
λ−λ



 −−=                                         (2.66) 
where, )D(pw cλ  is the limiting slenderness ratio for a compact web, corresponding to 
wc tD2 , and is given by 



λ=λ
cp
c
)D(pw)D(pw D
D
cpc
                                                                                        (2.67) 
The flexural strength based on LTB is as follows: 
• If pb LL ≤ , then 
ycpcnc MRM =                                                                                              (2.68) 
• If rbp LLL ≤< , then 
ycpcycpc
pr
pb
ycpc
xcyr
bnc MRMRLL
LL
MR
SF
11CM ≤








−
−



 −−=                       (2.69) 
• If rb LL > , then 
ycpcsccrnc MRSFM ≤=                                                                                (2.70) 
in which, pL  is the unbraced length limit for flexural capacity governed by the plastic 
capacity of the compression flange and associated web and is given by 
yc
tp F
Er0.1L =                                                                                                     (2.71) 
rL  is the unbraced length limit to reach the onset of nominal yielding in either flange 
under uniform bending considering compression flange residual stress effects and is 
given by 
2
T
xcyr
xc
T
yr
tr K
hS
E
F
76.611
hS
K
F
Er95.1L 


++=                                                (2.72) 
crF  is the elastic LTB stress given by 
( ) ( )
2
tb
xc
T
2
tb
2
b
cr rLhS
K
078.01
rL
EC
F +π=                                                                (2.73) 
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TK  is the St. Venant torsional constant and given by 



 −+


 −+=
t
t
3
tt
c
c
3
cc
3
ww
T b
t
63.01
3
tb
b
t
63.01
3
tb
3
td
K                                     (2.74) 
yrF  is the compression flange stress at the onset of nominal yielding within the cross-
section, including residual stress effects, but not including compression flange lateral 
bending, taken as smaller of ycF7.0 , xcxtyth SSFR , and ywF , but not less than ycF5.0 , 
where xtS  is the section modulus to the tension flange about the major axis (x). 
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Figure 2.1  Effect of fatigue and plastic moment limits for midspan section of Lehigh 
Street Bridge (Homma and Sause 1995) 
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Figure 2.2  I-girder in buckled position 
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Figure 2.3  Comparison of PSLT and other specifications for doubly symmetric section 
with stocky web 
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Figure 2.4  Comparison of PSLT and other specifications for larger tension flange section 
with stocky web 
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Figure 2.5  Comparison of PSLT and other specifications for larger compression flange 
section with stocky web 
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CHAPTER 3  
INITIAL DESIGN STUDY 
 
3.1 INTRODUCTION 
In order to investigate the influence of bridge design parameters such as the number 
of diaphragms, the number of stiffeners, and fatigue details on the design of concrete-
filled tubular flange girders (CFTFGs), and to identify the possible advantages of 
CFTFGs, an initial design study was conducted.  The CFTFGs were designed to be either 
fully-composite with the concrete bridge deck or non-composite, and to have minimum 
steel weight.  The minimum steel weight CFTFGs were compared with minimum weight 
conventional steel I-girders that were designed to be fully-composite with the deck.   
The design criteria used in the CFTFG design study are presented in Section 3.2.  
Based on the design criteria, an initial design study was conducted by Smith (1999).  A 
summary of this design study is presented in Section 3.3. 
 
3.2 DESIGN CRITERIA 
Design criteria used in the CFTFG design study are compatible with the 1998 
AASHTO LRFD Bridge Design Specifications (AASHTO 1998).  The 1998 AASHTO 
LRFD specifications (AASHTO 1998) present design criteria in the following form: 
∑ φ≤γη nii RQ                                                                                                    (3.1) 
where, η  is the load modification factor, iγ  is the statistically based load factor, iQ  is the 
load effect from a load in the factored load combination represented by the summation, φ  
is the statistically based resistance factor, and nR  is the nominal resistance.  Equation 
(3.1) states that the factored load effects expected under the construction and service 
conditions are not permitted to exceed the factored resistance.  The service conditions are 
the load, bracing, and support conditions that occur during normal use of the bridge and 
the construction conditions are the load, bracing, and support conditions that occur in the 
incomplete bridge under construction. 
 
3.2.1 LIMIT STATES AND LOAD COMBINATIONS 
The 1998 AASHTO LRFD specifications (AASHTO 1998) consider four limit state 
categories: (1) strength limit states, (2) service limit states, (3) fatigue and fracture limit 
states, and (4) extreme event limit states.  Extreme event limit states were not considered 
in this study.  For each limit state, Equation (3.1) is checked for the different resistances 
specified for that limit state (e.g., shear and flexural strength).  Each limit state has a 
corresponding load combination with different load factors, which is used on the left side 
of Equation (3.1).  The load combinations considered in this study correspond to the 
strength I, service II, and fatigue limit states.  Using the strength I load combination load 
factors, a separate construction load combination was developed to consider the structural 
component dead load acting on the girders under construction conditions.  The different 
loads in the 1998 AASHTO LRFD specifications (AASHTO 1998) are referred to using 
two letter symbols.  The loads considered in this study are labeled DC, DW, LL, and IM.  
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DC represents the weight of the structural components including the concrete deck, the 
diaphragms, the stay-in-place forms and the self weight of the girders.  DW represents the 
weight of superimposed dead loads, such as the wearing surface, utilities, and other items 
such as parapets or crash barriers. LL represents the live loads produced by combinations 
of the design truck, the design tandem, and the design lane loads.  IM is the dynamic load 
allowance applied to LL.  The dynamic load allowance is used to account for the dynamic 
response of vehicles riding over discontinuities in the deck surface such as potholes and 
deck joints.  This load combinations and corresponding load factors considered in the 
study are shown in Table 3.1. 
 
3.2.2 RESISTANCES 
The 1998 AASHTO LRFD specifications (AASHTO 1998) for web stability, shear 
strength, and fatigue of I-girders were used without modification.  New design criteria 
were developed to determine the resistances for both composite and non-composite 
compact-section positive flexural strength assuming the CFTFGs are perfectly braced by 
the deck (for strength under service conditions) and non-composite positive flexural 
strength considering lateral torsional buckling (LTB) and/or yielding during construction 
when the CFTFGs are braced by diaphragm (for strength under construction conditions). 
 
Strength I Limit State 
Flexural Strength 
Composite CFTFGs were assumed to be fully braced by the deck under service 
conditions.  Non-composite CFTFGs were also assumed to be sufficiently connected to 
the deck to be braced by the deck under service conditions.  The tube and web of the 
composite and non-composite CFTFGs were designed to be compact.  Therefore, both 
composite and non-composite CFTFGs were treated as compact sections for the strength 
I limit state. 
The factored flexural strength, rM , for compact sections is expressed as 
nfr MM φ=                                                                                                             (3.2) 
where, fφ  is the resistance factor for flexure, taken as 1.0, and nM  is the nominal 
flexural strength. 
In the 1998 AASHTO LRFD specifications (AASHTO 1998), in order to ensure 
adequate ductility, the nominal flexural strength, nM , of a composite I-girder with a 
compact section in positive flexure is limited according to the ratio of pD  to D′ , as 
follows: 
• If DDp ′≤ , then 
pn MM =                                                                                                                 (3.3) 
• If D5DD p ′≤<′ , then 




′
−+−=
D
D
4
MM85.0
4
M85.0M5
M ppyypn                                                        (3.4) 
where, pD  is the distance from the top of the deck to the neutral axis at the plastic 
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moment, pM , and D′  is the ductility factor defined by Wittry (1993).  The ductility 
factor, D′ , was derived based on the required strain level for strain hardening to occur in 
the bottom fiber of the steel girder and is defined as a function of both the depth of the 
composite section and the steel grade.  If the ratio of pD  to D′  is less than or equal to 1.0, 
the section is considered ductile.  In this case, the strain hardening strain levels will be 
reached and most of the steel girder cross-section will yield before the concrete deck fails 
because the neutral axis is located in or near the deck.  nM , therefore, is conservatively 
taken as pM  based on simple plastic theory.  If the ratio of pD  to D′  is greater than 1.0, 
the section is considered non-ductile.  In this case, strain hardening strain levels will not 
be reached and much of the steel girder cross-section near the neutral axis will not yield 
before the concrete deck fails because the neutral axis is located in the steel girder cross-
section.  Simple plastic theory may overestimate the moment capacity of the section in 
this case.  Wittry (1993) observed from the numerous analytical studies of non-ductile 
sections that the moment capacity is equal to the yield moment, yM , when the ratio of 
pD  to D′  equals 5.0.  In order to avoid brittle failure, however, a factor of 0.85 was 
introduced at this limit.  For a ratio of pD  to D′  between 1.0 and 5.0, therefore, nM  is 
defined by a linear transition between pM  and yM85.0 . 
In this study, in order to more accurately estimate the flexural strength in composite 
CFTFGs with compact sections in positive flexure, regardless of steel grade and ductility 
concerns, a cross-section moment, scccM , based on the maximum usable concrete strain is 
proposed as the nominal flexural strength, nM , in Equation (3.2).  
sc
ccM  is calculated 
using an equivalent rectangular stress block for the concrete and an elastic perfectly 
plastic stress-strain behavior for the steel.  The maximum usable strain at the extreme 
concrete compression fiber, which is at the top of the deck, is taken as 0.003.  Figure 3.1 
and Figure 3.2 compare stress distributions based on the actual response, simple plastic 
theory, and strain compatibility for composite compact-section CFTFGs at the positive 
flexural strength limit, when the plastic neutral axis (PNA) is located in the deck and 
girder, respectively.  These figures indicate that the strain compatibility approach can 
reasonably approximate the actual stress distribution regardless of the PNA location and 
steel grade, and thus the method should accurately estimate the flexural strength.  Note 
that the confining effect provided by steel tube on the concrete in the tube is not 
considered for this part of the study.   
Similarly, a section moment, scnccM , based on the maximum usable concrete strain is 
proposed for non-composite compact-section CFTFGs in positive flexure, as shown in 
Figure 3.3.  The maximum usable strain is assumed to be 0.003 at the top of the concrete 
in the steel tube.  Under these conditions, nM  in Equation (3.2) is taken as 
sc
nccM .  The 
stress distributions based on the actual response, simple plastic theory, and strain 
compatibility for non-composite compact-section CFTFGs at the positive flexural limit 
state are shown in Figure 3.3. 
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Shear Strength 
The factored shear strength, rV , for compact sections is expressed as 
nvr VV φ=                                                                                                               (3.5) 
where, vφ  is the resistance factor for shear taken as 1.0 and nV  is the nominal shear 
strength.  nV  is determined using the formulas specified for conventional I-girders 
having either an unstiffened web or stiffened web in the 1998 AASHTO LRFD 
specifications (AASHTO 1998) without any modifications.  All of the vertical shear force 
is assumed to be carried by the web only. 
 
Constructibility 
Under construction conditions, in which the compression flange of a composite or 
non-composite CFTFG is not braced by the deck, the 1998 AASHTO LRFD 
specifications (AASHTO 1998) require non-composite section flexural strength criteria 
based on LTB to be checked. 
For non-composite sections (either compact or non-compact) designed by the 1998 
AASHTO LRFD specifications (AASHTO 1998) under construction conditions, yielding 
or LTB may control the flexural strength depending on the unbraced length, bL .  The 
factored flexural strength, rM , is expressed by Equation (3.2).  When bL  is less than pL  
which is the lateral bracing limit for flexural strength governed by yielding, LTB does not 
control.  nM  is, therefore, taken as yield moment, yM .  When bL  is greater than pL , 
nM  is based on LTB. 
In this study, yM  for a non-composite CFTFG in positive flexure is proposed to be 
taken as the smaller of the yield moment based on analysis of a linear elastic transformed 
section, tryM , and the yield moment based on strain compatibility, 
sc
yM .  In calculating 
tr
yM , the concrete in the steel tube is transformed to an equivalent area of steel using the 
modular ratio as shown in Figure 3.4.  scyM  is calculated based on an equivalent 
rectangular stress block for the concrete in the steel tube and linear elastic stress-strain 
behavior for the steel with the yield strain, yε , reached at either the top or bottom fiber.  
Figure 3.5 shows the yield moment when either the top (compression) or the bottom 
(tension) flange yields first.  The scyM  is taken as the smaller of these two yield moments. 
A number of section analyses were conducted to investigate yM .  The yield stress, 
yF , compressive strength of concrete, 
'
cf , and section dimensions were varied.  The ratio 
of scyM  to 
tr
yM  was plotted as a function of the ratio of yF  to 
'
cf .  A linear regression of 
the analysis results was performed, as shown in Figure 3.6.  As a result, it is suggested 
that when the ratio of yF  to 
'
cf  is smaller than 8.5, yM  may be taken as 
tr
yM .  Otherwise, 
yM  may be taken as 
sc
yM .  A more comprehensive investigation of this suggestion 
should be conducted before using it for design calculations. 
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In most cases, yM  is smaller than 
sc
nccM .  It is, however, observed from cross-section 
analysis results that yM  is larger than 
sc
nccM  under certain conditions.  This result occurs 
when high strength steel is used and yielding initiates at the top (compression) flange.  
For example, when yielding initiates at the top flange fiber at a strain level of 0.00345, 
because the steel yield stress is 690 MPa, the strain at the top of the concrete in the steel 
tube may be larger than 0.003, which is assumed for the calculation of scnccM .  This results 
in yM  being larger than 
sc
nccM .  The ratio of yM  to 
sc
nccM  from a number of cross-section 
analyses was plotted as a function of yF  in Figure 3.7.  A linear regression of the 
analysis results was performed.  The results show that when the yield stress of the steel is 
greater than 650 MPa, yM  could be larger than 
sc
nccM  if the bottom (tension) flange is 
larger than the top (compression) flange and yielding initiates at top (compression) flange.  
As a result, if yM  is larger than 
sc
nccM , nM  is taken as 
sc
nccM  rather than yM . 
The nominal flexural strength based on LTB is calculated using the equations 
presented in Sections 2.3.2 and 2.3.4. 
 
Service II Limit State 
In the 1998 AASHTO LRFD specifications (AASHTO 1998), the flexural stresses in 
the flanges of composite and non-composite girders are limited to prevent permanent 
deflections.  For composite girders, the flexural stresses are calculated as the sum of the 
stresses due to following individual loading conditions: (1) the factored DC acting on the 
non-composite girder section, (2) the factored DW acting on the long-term composite 
girder section, and (3) the factored LL acting on the short-term composite girder section.  
The long-term composite girder section is a transformed section based on an increased 
modular ratio (i.e., 3n where, 
cE
En = , E is the elastic modulus of steel, and Ec is the 
elastic modulus of concrete) to account for creep that will occur over time in the concrete.  
The short-term composite girder section is a transformed section based on the usual 
modular ratio (i.e., n).  For non-composite girders, the flexural stresses are the stresses 
due to the total factored service II loading combination acting on the non-composite 
girder section.   
In this study, the approach used to calculate the flexural stresses in the flanges of 
composite or non-composite CFTFGs is similar to the approach given in the 1998 
AASHTO LRFD specifications (AASHTO 1998).  Two different approaches, however, 
were used to include the concrete in the steel tube in the calculation of the flexural stress.  
The first approach uses a transformed section to include the concrete in the tube, and the 
second approach uses an equivalent rectangular stress block for the concrete.   
When tryM  is less than 
sc
yM , the transformed section approach is used.  For 
composite CFTFGs, the concrete in the steel tube is transformed to an equivalent area of 
steel based on the long-term composite section (with the increased modular ratio) to 
calculate the stress due to factored DC.  To calculate the stresses due to factored DW and 
LL, the concrete in the steel tube is neglected because it has little contribution and the 
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calculation is more convenient.   
For non-composite CFTFGs, the concrete in the steel tube is not neglected because 
the concrete in the steel tube contributes to all loading conditions.  The concrete in the 
steel tube is transformed to an equivalent area of steel based on the long-term composite 
section to calculate the stress due to the factored DC and DW.  To calculate the stress due 
to factored LL, the concrete is transformed based on the short-term composite section 
(without the increased modular ratio).  The flexural stresses for composite and non-
composite CFTFGs, based on the transformed section approach, under service II loading 
conditions are shown in Figure 3.8 and Figure 3.9, respectively. 
When tryM  is greater than 
sc
yM , the equivalent rectangular stress block approach is 
used.  For composite CFTFGs, the equivalent rectangular stress block is used for the 
concrete in the steel tube to calculate the stress due to factored DC.  To calculate the 
stresses due to factored DW and LL, the concrete in the steel tube is neglected for the 
reasons explained above in discussing the transformed section approach.  For non-
composite CFTFGs, the equivalent rectangular stress block is used for the concrete in the 
steel tube to calculate the stresses due to factored DC, DW, and LL.  The flexural stresses 
for composite and non-composite CFTFGs based on the equivalent rectangular stress 
block approach under service II loading conditions are shown in Figure 3.10 and Figure 
3.11, respectively.   
The design criteria for composite and non-composite CFTFGs for the service II limit 
state are expressed as follows: 
• For composite CFTFGs: 
yfhbf FRR95.0f ≤                                                                                                 (3.6) 
• For non-composite CFTFGs: 
yfhbf FRR80.0f ≤                                                                                                 (3.7) 
where, ff  is the flexural stress in the flanges caused by the factored loading, bR  is 
the load-shedding factor, hR  is the hybrid factor, and yfF  is the yield stress of the flange.  
Note that bR  accounts for the nonlinear variation of stresses caused by local buckling of 
slender webs subjected to flexural stresses (a coefficient ≤  1.0 (AASHTO 1998)) and hR  
is accounts for the nonlinear variation of stresses caused by yielding of the lower strength 
steel in the web of a hybrid girder (a coefficient ≤  1.0 (AASHTO 1998)). 
 
Fatigue Limit State 
Two types of fatigue limit states: (1) load induced fatigue and (2) distortion induced 
fatigue, are specified in the 1998 AASHTO LRFD specifications (AASHTO 1998).  Only 
load induced fatigue is discussed in this section.  The attachment of transverse stiffeners 
or diaphragm connection plates to the web and the tension flange are checked for fatigue.  
The design criterion for the fatigue limit state is expressed as follow: ( ) ( )nFf ∆≤∆γ                                                                                                          (3.8) 
where, γ  is the load factor, f∆  is the stress range due to the fatigue load, and ( )nF∆  is 
the nominal fatigue resistance. 
f∆  is calculated using the transformed section approach.  For composite CFTFGs, 
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the concrete in the steel tube and concrete deck are transformed to an equivalent area of 
steel based on the short-term composite section.  For non-composite CFTFGs, only the 
concrete in the steel tube is transformed to an equivalent area of steel based on the short-
term composite section.  Figure 3.12 shows the flexural stresses for composite and non-
composite CFTFGs under fatigue loading conditions.  The ( )nF∆  was determined 
according to the 1998 AASHTO LRFD specifications (AASHTO 1998) without any 
modifications. 
 
3.2.3 ADDITIONAL CONSIDERATION FOR TUBULAR FLANGE 
A tubular flange should not buckle locally before yielding in compression.  Therefore, 
the tube local buckling requirement, provided by the 1998 AASHTO LRFD 
specifications (AASHTO 1998) for circular tube compression members, is used as 
follows: 
ytube
tube
F
E8.2
T
D ≤                                                                                                     (3.9) 
where, Dtube, Ttube, E, and Fy are the tube outside diameter, the tube thickness, the elastic 
modulus of steel, and the yield stress of the tube steel, respectively.  Originally Equation 
(3.9) was developed based on an unfilled tube.  The 1998 AASHTO LRFD specifications 
(AASHTO 1998), however, recommend using Equation (3.9) for a concrete-filled tube. 
 
3.3 DESIGN STUDY 
The results of the design study presented in this section were generated and described 
by Smith (2001).  The design study investigated the influence of several parameters, such 
as the number of diaphragms (note that Smith (2001) used cross frames as diaphragms), 
the number of transverse stiffeners, and fatigue details on the weight of steel bridge 
girders designed for minimum steel weight.  To illustrate the advantages of CFTFGs, 
minimum steel weight designs of CFTFGs are compared with minimum weight 
conventional steel I-girders.  For the CFTFGs, both composite and non-composite girders 
were investigated based on the design criteria presented in the previous section.  For the 
conventional I-girders, only composite girders were investigated.  Design criteria from 
the 1998 AASHTO LRFD Bridge Design Specifications (AASHTO 1998) were used for 
the conventional I-girders, except for constructibility, where design criteria from the 1998 
AASHTO LRFD specifications (AASHTO 1998) and the proposed inelastic LTB 
formula (SLT) described in Section 2.3.4 were used.  The strength I, service II, fatigue, 
and constructibility limit states were checked for the non-composite CFTFGs and 
composite conventional I-girders.  For the composite CFTFGs, these limit states and the 
strength III and strength V limit states that include wind load effects were also checked. 
The prototype bridges, parameters considered in the design study, and descriptions 
and results of design study are presented in following sub-sections. 
 
3.3.1 PROTOTYPE BRIDGE 
The prototype bridge used in this study is a single span bridge with a simply-
supported 40.0 m (131.2 ft) span.  The total width of the bridge is 15.2 m (50.0 ft) and is 
intended to carry two 3.7 m (12.0 ft) lanes with 4.0 m (13.0 ft) for a shoulder and a 
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parapet on each side.  In order to produce the maximum load effect on the girders, 
however, the bridge was designed to have four 3.5 m (11.5 ft) lanes with 0.6 m (2.0 ft) 
for a shoulder and a parapet on each side.  The concrete deck is 254 mm (10 in) thick and 
is composed of normal strength concrete with a specified minimum compressive strength 
of 27.6 MPa (4.0 ksi).  The bridge has four straight girders equally spaced at 3.8 m (12.5 
ft) centers with 1.9 m (6.3 ft) deck overhangs.  The bridge was designed with either 
conventional I-girders or CFTFGs.  The conventional I-girders were assumed to be fully-
composite with the deck.  The CFTFGs were assumed to be either fully-composite with 
the deck or non-composite.  The typical cross-section of the prototype bridge with 
CFTFGs is shown in Figure 3.13. 
The conventional I-girders were assumed to be made from HPS 485W steel with a 
nominal yield stress of 485 MPa (70 ksi).  The composite CFTFGs were assumed to be 
made from HPS 485W steel and concrete with a specified minimum compressive strength 
of 27.6 MPa (4.0 ksi).  The non-composite CFTFGs were assumed to be made from 
following material combinations: (1) HPS 485W steel and concrete with a specified 
minimum compressive strength of 27.6 MPa (4.0 ksi), (2) HPS 690W steel with a yield 
stress of 690 MPa (100 ksi) and high strength concrete with a specified minimum 
compressive strength of 55.2 MPa (8.0 ksi), and (3) HPS 485W for the tube, HPS 690W 
for the web and bottom flange, and concrete with a specified minimum compressive 
strength of 55.2 MPa (8.0 ksi).  The secondary steel components, which include stiffeners, 
connection plates, and diaphragms, were assumed to be made from conventional 
weathering steel (ASTM A709 345W) with a nominal yield stress of 345 MPa (50 ksi). 
 
3.3.2 DESIGN PARAMETERS 
The design study investigated the influence of several parameters, including the 
arrangement of diaphragms, the locations of plate transitions, the arrangement of 
stiffeners, the fatigue details, and the plate thickness, on the weight of girders designed 
for the prototype bridge. 
 
Diaphragm Arrangements 
Ten different diaphragm arrangements were considered in this study.  The Scheme 1 
diaphragm arrangement has six diaphragms, which include two end diaphragms and four 
interior diaphragms.  Schemes 2 through 5 have five diaphragms (two end diaphragms 
and three interior diaphragms) with different diaphragm spacings.  Schemes 6 through 8 
have four diaphragms (two end diaphragms and two interior diaphragms) with different 
diaphragm spacings.  Scheme 9 has three diaphragms (two end diaphragms and one 
interior diaphragm), and Scheme 10 has two end diaphragms only.  A detailed description 
of these diaphragm arrangements is presented in Smith (2001). 
 
Plate Transitions 
The girders designed for the prototype bridge were designed to have three 
58segments with two shop splices.  The three segments include two end segments 8.0 m 
(26.2 ft) long and one center segment 24.0 m (78.7 ft) long.  This arrangement of plate 
transitions is based on the design studies conducted by Ellis and Sause (1999), who found 
that this arrangement of plate transitions results in minimum weight I-girders for the four 
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girder prototype bridge. 
The web height is kept constant along the length of the girders.  The web thickness is 
also kept constant if the web is stiffened, but is allowed to change at the plate transitions 
if the web is unstiffened.  The thickness and width of the bottom (tension) flange are 
allowed to change at the plate transitions.  For the conventional I-girders, the thickness 
and width of the top (compression) flange are also allowed to change at the plate 
transitions.  For the CFTFGs, however, the thickness and diameter of the tube are kept 
constant along the length of the girders. 
 
Transverse Stiffeners 
The prototype bridge girders were designed with and without transverse stiffeners to 
investigate the influence of stiffeners on the weight of girders designed for the prototype 
bridge.  The transverse stiffeners were not designed in detail, but were assumed to 
conform to the 1998 AASHTO LRFD specifications (AASHTO 1998).  The spacing of 
stiffeners was selected according to the 1998 AASHTO LRFD specifications (AASHTO 
1998). 
 
Fatigue Details 
The fatigue resistance of a steel girder bridge is influenced primarily by the 
attachment details.  The 1998 AASHTO LRFD specifications (AASHTO 1998) provide 
nominal fatigue resistance for various types of attachment details that are categorized 
ranging from A to E′.   
The attachment of a transverse stiffener or a diaphragm connection plate to the web 
and the tension flange was considered to be a Category C′ or a Category B fatigue detail.  
Category C′ details include fillet-welded attachments with welds perpendicular to the 
direction of primary stress.  Category B details, which have greater fatigue resistance 
than Category C′ details, include bolted attachments. 
 
3.3.3 DESCRIPTIONS AND RESULTS 
Composite Conventional I-Girders 
Results for two different diaphragm arrangements are presented as follows: (1) 
Scheme 1, and (2) Scheme 8.  The Scheme 1 diaphragm arrangement has six diaphragms 
spaced every 8.0 m (26.3 ft).  When Scheme 1 was used, three arrangements of stiffeners 
were considered as follows: (1) stiffeners spaced every 2.7 m (8.8 ft), (2) stiffeners 
spaced every 4.0 m (13.1 ft), and (3) unstiffened webs.  The Scheme 8 diaphragm 
arrangement has four diaphragms with a maximum spacing of 15.5 m (50.9 ft).  When 
Scheme 8 was used, three arrangements of stiffeners were considered as follows: (1) 
stiffeners were spaced every 2.6 m (8.5 ft) between the end diaphragms and the interior 
diaphragms, and every 3.0 m (9.8 ft) between the interior diaphragms, (2) stiffeners were 
spaced every 3.9 m (12.8 ft) between the end diaphragms and the interior diaphragms and 
every 4.5 m (14.8 ft) between the interior diaphragms, and (3) unstiffened webs.  Both 
Category C' and Category B fatigue details were considered for all cases.  The web depth 
was chosen to vary from 1321 mm (52.0 in) to 1626 mm (64.0 in) based on the minimum 
depth of girders suggested by the 1998 AASHTO LRFD specifications (AASHTO 1998).   
The influence of stiffener spacing is as follows.  As the stiffeners spacing increases, 
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the total weight of the girders increases, because the web thickness increases to provide 
enough shear strength while the top and bottom flanges stay fairly constant.  Typical 
results are shown in Figure 3.14, which shows the total steel weight of the I-girders 
designed for the bridge, with the Scheme 1 diaphragm arrangement and Category C' 
fatigue details plotted versus the web depth. 
The influence of fatigue detail category is as follows.  As the fatigue details are 
improved from Category C' to Category B, the total steel weight of the girders decreases, 
because for the I-girders designed with Category C' fatigue details, the fatigue limit state 
governs the size of the bottom flange, but for the I-girders designed with Category B 
fatigue details, the size of the bottom flange is not controlled by the fatigue limit state.  
As a result, the size of the bottom flange can be reduced.  Typical results are shown in 
Figure 3.15, which shows the total steel weight of the I-girders designed with the 
Scheme 1 diaphragm arrangement and stiffeners every 2.7 m (8.8 ft) plotted versus the 
web depth.   
The influence of the diaphragm arrangement is as follows.  As the spacing of 
diaphragms is increased, the total weight of the girders increases, because the size of the 
top flange must be increased to provide enough LTB strength.  Typical results are shown 
in Figure 3.16.  In this figure, the total steel weight of the I-girders designed with 
Category C' fatigue details and stiffeners every 2.7 m (8.8 ft) for Scheme 1 and every 2.6 
m (8.5 ft) or every 3.0 m (9.8 ft) for Scheme 8 are plotted versus the web depth.   
 
Composite CFTFGs 
Results for three diaphragm arrangements are presented as follows: (1) Scheme 1, (2) 
Scheme 9, and (3) Scheme 10.  Scheme 9 has two end diaphragms and one interior 
diaphragm.  For Scheme 9, two arrangements of stiffeners were considered as follows: 
(1) stiffeners spaced every 2.9 m (9.4 ft) and (2) unstiffened webs. Both Category C' and 
B fatigue details were considered.  For the Scheme 1 and Scheme 10 diaphragm 
arrangements, only an unstiffened web and Category B fatigue details were considered.  
The web depth plus tube diameter was chosen to vary from 1321 mm (52.0 in) to 1626 
mm (64.0 in). 
The influence of stiffeners is as follows.  The increase in the web thickness, as the 
number of stiffeners is decreased, results in an increase in the total weight of the girders.  
However, the increase in weight is smaller for the composite CFTFGs than for the 
composite I-girders.  Typical results are shown in Figure 3.17, which shows the total 
steel weight of the composite CFTFGs designed with the Scheme 9 diaphragm 
arrangement and Category B fatigue details plotted versus the combined web depth plus 
tube diameter.   
The influence of fatigue details is as follows.  The increase in the bottom flange size, 
as the fatigue details are changed from Category B fatigue details to Category C', results 
in an increase in the total weight of the girders.  However, the bottom flange size does not 
increase as dramatically for the composite CFTFGs as for the composite I-girders, 
because when Category C' fatigue details are used, the bottom flange size is controlled by 
either the fatigue limit state or the service II limit state (i.e., the fatigue limit state 
controls only for some cases).  Typical results are shown in Figure 3.18, which shows the 
total steel weight of the composite CFTFGs designed with the Scheme 9 diaphragm 
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arrangement and unstiffened webs plotted versus the combined web depth plus tube 
diameter. 
The influence of diaphragm arrangement is as follows.  The girders designed with 
the Scheme 1 diaphragm arrangement are exactly the same as the girders designed with 
the Scheme 9 diaphragm arrangement.  When the interior diaphragms are eliminated for 
the Scheme 10 diaphragm arrangement, an increase in the tubular flange size is observed 
since these designs are controlled by the LTB strength under construction conditions. The 
increase tubular flange size results in an increase in the total weight of the girders.  
Typical results are shown in Figure 3.19, which shows the total steel weight of the 
CFTFGs designed with Category B fatigue details and unstiffened webs plotted versus 
the combined web depth plus tube diameter. 
 
Non-Composite CFTFGs 
Results for two different diaphragm arrangements are presented as follows: (1) 
Scheme 1, and (2) Scheme 9.  Only an unstiffened web and category B fatigue details 
were considered.  For the Scheme 9 diaphragm arrangement, three different material 
combinations were considered as described in Section 3.3.1.  For the Scheme 1 
diaphragm arrangement, only material combination (3), described in Section 3.3.1, was 
considered.  The web depth plus tube diameter was chosen to vary from 1321 mm (52.0 
in) to 1626 mm (64.0 in), which is the same as for composite CFTFGs. 
The influence of materials is shown in Figure 3.20, which shows the total steel 
weight of non-composite CFTFGs designed with Category B fatigue details and 
unstiffened webs plotted versus the combined web depth plus tube diameter.  It was 
observed from this figure that the girders made from 485 MPa (70 ksi) steel and 27.6 
MPa (4.0 ksi) concrete are the heaviest (25% heavier than the girders made from 690 
MPa (100 ksi) steel and 55.2 MPa (8.0 ksi) concrete).  The hybrid girders made with 485 
MPa (70 ksi) steel for the tube, 690 MPa (100 ksi) steel for the web and bottom flange, 
and 55.2 MPa (8.0 ksi) concrete are the lightest.  The reason that the hybrid girders are 
the lightest is the tube local buckling requirement expressed by Equation (3.9).  For a 
constant tube diameter, the local buckling requirement causes the tube thickness to 
increase with the yield stress.  Therefore, the tube thickness increases as the yield stress is 
increased to satisfy the tube local buckling requirement.   
The influence of the diaphragm arrangement is as follows.  As shown in Figure 3.20, 
as the diaphragm spacing increases from the Scheme 1 diaphragm arrangement to the 
Scheme 9 diaphragm arrangement, the LTB strength under the construction conditions 
does not control the design.  As a result, the non-composite CFTFGs designed with the 
Scheme 1 diaphragm arrangement are exactly same as those designed with the Scheme 9 
diaphragm arrangement.   
 
Comparison between I-Girders and CFTFGs 
Figure 3.21 compares the total steel girder weight of the composite I-girders, the 
composite CFTFGs, and the non-composite CFTFGs.  The total steel weight is plotted 
versus either the web depth (for the I-girders) or the web depth plus tube diameter (for the 
CFTFGs).  In this figure, results for the Scheme 9 diaphragm arrangement are shown for 
the CFTFG designs and results for the Scheme 1 diaphragm arrangement are shown for 
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the I-girder designs.  An unstiffened web and Category B fatigue details are used for all 
cases.   
It is observed from this figure that the composite CFTFGs are more than 10% lighter 
than the composite I-girders, even when a large diaphragm spacing is used.  Thus, the 
composite CFTFGs have the advantages of decreased steel weight, and decreased 
fabrication and erection effort (i.e., from using fewer diaphragms).  It is also observed 
that the composite CFTFGs are lighter in total girder steel weight than non-composite 
CFTFGs. However, less construction effort is required for the non-composite CFTFGs, 
and the construction effort required to make the CFTFGs composite with a concrete deck 
may make the composite designs less economical. For example, a precast deck can be 
more easily installed if the girders are designed to be non-composite. For the non-
composite CFTFGs, the girders made of 485 MPa steel have a total girder steel weight 
25% greater than the total steel weight of the non-composite CFTFGs made of 690 MPa 
steel. 
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Table 3.1  Load factors and load combinations 
Limit state DC DW LL+IM
Strength I 1.25 1.50 1.75
Constructability 1.25 - -
Service II 1.00 1.00 1.30
Fatigue - - 0.75  
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Figure 3.1  Comparison of stress distribution based on actual response, simple plastic 
theory, and strain compatibility for composite compact-section positive flexural strength 
when PNA is in deck 
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Figure 3.2  Comparison of stress distribution based on actual response, simple plastic 
theory, and strain compatibility for composite compact-section positive flexural strength 
when PNA is in girder 
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Figure 3.3  Comparison of stress distribution based on actual response, simple plastic 
theory, and strain compatibility for non-composite compact-section positive flexural 
strength 
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Figure 3.4  Transformed section for CFTFG 
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Figure 3.5  Yield moment based on strain compatibility 
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Figure 3.8  Flexural stress for composite CFTFG under service II loading conditions 
(transformed section approach) 
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Figure 3.9  Flexural stress for non-composite CFTFG under service II loading conditions 
(transformed section approach) 
 
 
(a) Due to DC (b) Due to DW (c) Due to LL
Short-termLong-term
 
 
Figure 3.10  Flexural stress for composite CFTFG under service II loading conditions 
(equivalent rectangular stress block approach) 
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Figure 3.11  Flexural stress for non-composite CFTFG under service II loading 
conditions (equivalent rectangular stress block approach) 
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Figure 3.12  Flexural stress for composite and non-composite CFTFG under fatigue 
loading conditions 
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Figure 3.13  Cross-section of prototype bridge with CFTFGs 
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Figure 3.14  Influence of stiffener spacing for composite I-girders with Scheme 1 
diaphragm arrangement and Category C' fatigue details 
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Figure 3.15  Influence of fatigue details for composite I-girders with Scheme 1 
diaphragm arrangement and stiffeners at 2.7 m 
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Figure 3.16  Influence of diaphragm arrangement for composite I-girders with Category 
C' fatigue details and stiffeners at 2.7 m 
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Figure 3.17  Influence of stiffener spacing for composite CFTFGs with Scheme 9 
diaphragm arrangement and Category B fatigue details 
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Figure 3.18  Influence of fatigue details for composite CFTFGs with Scheme 9 
diaphragm arrangement and unstiffened webs 
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Figure 3.19  Influence of diaphragm arrangement for composite CFTFGs with Category 
B fatigue details and unstiffened webs 
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Figure 3.20  Influence of diaphragm arrangement and materials for non-composite 
CFTFGs with Category B fatigue details and unstiffened webs 
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Figure 3.21  Comparison of I-girders and CFTFGs with Category B fatigue details and 
unstiffened webs 
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CHAPTER 4  
FINITE ELEMENT MODELING 
 
4.1 INTRODUCTION 
It was observed from the initial design study presented in Chapter 3 that concrete-
filled tubular flange girders (CFTFGs) with transverse stiffeners have a lighter girder 
steel weight than CFTFGs without transverse stiffeners.  However, less construction 
effort is required for the unstiffened CFTFGs.  Unstiffened CFTFGs, therefore, were 
selected for a more detailed analytical investigation.  Note that, hereafter, stiffened and 
unstiffened CFTFGs are referred to as S-CFTFGs and US-CFTFGs, respectively. 
Finite element (FE) models of the US-CFTFGs are presented in this chapter.  
ABAQUS Version 6.1 (ABAQUS 2000), a three-dimensional nonlinear FE simulation 
program, was used to develop the models.  The FE models of unstiffened hollow tubular 
flange girders (US-HTFGs) were developed first.  Concrete in the steel tube (referred to 
as concrete infill) was modeled and combined with the FE models of the US-HTFGs to 
develop the FE models of the US-CFTFGs.  The FE models developed here accounted 
for steel yielding, concrete failure, local buckling, and composite interaction between the 
steel tube and the concrete infill.  The analytical investigation focused on lateral torsional 
buckling (LTB) behavior. 
Section 4.2 presents the development of the FE models of the US-HTFGs.  Similarly, 
Section 4.3 presents the development of the FE models of the US-CFTFGs.  To 
investigate the effect of the concrete infill, the analysis results from the FE models of the 
US-CFTFGs are compared with those from the US-HTFGs in Section 4.4. 
 
4.2 FE MODELS AND FE ANALYSES OF UNSTIFFENED HOLLOW 
TUBULAR FLANGE GIRDERS (US-HTFGs) 
The details of the FE models of US-HTFGs are presented in this section.  In order to 
check the FE models, elastic buckling analyses were conducted and the results of these 
analyses were compared with the theoretical LTB strength from Equation (2.5).  The 
buckling modes obtained from the elastic buckling analyses were used as initial 
geometric imperfection shapes for nonlinear load-displacement analyses.  The nonlinear 
load-displacement analyses included both material and geometric nonlinearity.  The 
results of these analyses are also presented in this section.  
 
4.2.1 PROTOTYPE SECTION 
The prototype US-HTFG section used in the FE models was based on the results of 
the initial design study presented in Chapter 3.  Small modifications, however, were 
required because the initial design study was conducted based on US-CFTFGs.  Three 
requirements of the 1998 AASHTO LRFD Bridge Design Specifications (AASHTO 
1998) were considered in modifying the prototype section.  The following thickness 
requirement for an unfilled tube was applied. 
ytube
tube
F
E8.2
T
D ≤                                                                                                     (4.1) 
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where, Dtube, Ttube, E, and Fy represent the tube outside diameter, the tube thickness, the 
elastic modulus of steel, and the yield stress of the tube steel, respectively.  Equation 
(4.1) ensures that a uniformly compressed tube can develop its yield strength in 
compression before buckling.  Note that originally Equation (4.1) was developed based 
on an unfilled tube.  The 1998 AASHTO LRFD specifications (AASHTO 1998), 
however, recommend using Equation (4.1) for concrete-filled tubes.  Therefore, Equation 
(4.1) was also applied to US-CFTFGs in the initial design study presented in Chapter 3. 
The compact-section web slenderness requirement and stocky web requirement were 
also applied.  The compact-section web slenderness requirement is given by 
ycweb
cp
F
E76.3
T
2D ≤                                                                                                  (4.2) 
where, Dcp, Tweb, and Fyc are the depth of the web in compression at the plastic moment, 
the web thickness, and the yield stress of the compression flange, respectively.  The 
stocky web requirement is given by 
yc
b
web
c
F
E
T
2D λ≤                                                                                                      (4.3) 
where, Dc and λb are the depth of the web in compression in the elastic range and a 
coefficient related to the boundary conditions provided to the web by the flanges, 
respectively.  When the area of the compression flange is equal to or greater than the area 
of the tension flange, λb is 5.76, otherwise λb is 4.64.  Equations (4.2) and (4.3) were 
discussed in Chapter 2.   
Satisfaction of the requirements given by Equations (4.1), (4.2), and (4.3) suggests 
that local buckling of the web or tube is not expected until the ultimate strength, as 
controlled by the cross-section flexural capacity, or by LTB, is reached. 
Table 4.1 shows the dimensions and material property of the prototype US-HTFG 
section used in the FE models.  In Table 4.1, Dtube, Ttube, Dweb, Tweb, Bbf, Tbf, and Fy are 
the tube outside diameter, the tube thickness, the web depth, the web thickness, the width 
of the bottom flange, the thickness of the bottom flange, and the yield stress of the steel 
(assumed to be same for the tube, web, and bottom flange), respectively.   
 
4.2.2 FE MODEL DESCRIPTION 
A single unbraced length of girder with uniform bending moment over the unbraced 
length and simply supported boundary conditions was selected for the FE models. The 
symmetry of the geometry and loading about the mid-span plane allows modeling of only 
half the length of the girder. Important features of the FE models include: (1) boundary 
conditions; (2) loading conditions; (3) constraint conditions (4) steel material modeling; 
and (5) geometric imperfection modeling. 
 
Boundary Conditions, Loading Conditions, and Constraints 
Simply supported boundary conditions and uniform bending moment were applied 
because these are suitable for comparison with theoretical results.   
In general, the simply supported boundary conditions satisfy the following conditions.  
For in-plane displacements, the vertical displacements of both end sections and the 
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longitudinal displacement of one end section are restrained, but the rotations of both end 
sections about the major axis are unrestrained.  For out-of-plane displacements, the lateral 
displacements and twist rotations of both end sections are restrained, but rotation about 
the minor axis and the warping displacements are unrestrained at both end sections. 
In this study, the symmetry of geometry and loading about the mid-span plane allows 
the FE model to include only half the length of the girder.  Therefore, one end section of 
the model has simply supported boundary conditions and the other end section has 
symmetry boundary conditions.  The boundary conditions used for the half length FE 
models are shown in Figure 4.1.  In Figure 4.1, ux, uy, uz, φx, φy, and φz are the 
displacements and the rotations about the global x-y-z axes respectively.  In-plane 
directions are the directions in the y-z plane and out-of-plane directions are the directions 
in the x-z plane or x-y plane.  For the end section, the vertical displacement (uy) of the 
junction between the tubular flange and the web (denoted by rp), the lateral 
displacements (ux) of all nodes on the y-axis (i.e., at x = 0), and the twist rotations (φz) of 
all nodes in the section were restrained.  For the mid section, the longitudinal 
displacements (uz) and the rotations (φx, and φy) about the x-axis and y-axis were 
restrained for all nodes in the section.  The uniform bending moment distribution was 
implemented by applying a concentrated moment at the end section about the x-axis of 
the section (see Figure 4.1). 
As shown in Figure 4.2, appropriate constraints were applied at the end section to 
prevent local deformations from the concentrated moment while leaving the flanges free 
to warp.  The constraints for preventing local deformations were imposed by applying the 
following constraint equations to all nodes on the y-axis.  
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where, φxi, rpxφ , uzi, rpzu , and dyi are φx of node i, φx of node rp, uz of node i, uz of node rp, 
and the distance from node i to node rp, respectively.  Note that node i represents any 
node located on the y-axis and dyi is calculated by subtracting the y-coordinate of node rp 
from the y-coordinate of node i.  The constraints for the tubular flange, which allow 
warping, were imposed by applying the following constraint equations. 
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where, φyTFi, rpyφ , uzTFi, uzTFci, and dxTFi are φy of node TFi, φy of node rp, uz of node TFi, 
uz of location TFci, and the distance from node TFi to location TFci, respectively.  Note 
that node TFi is a node on the tubular flange and location TFci is a location that has same 
y-coordinate as node TFi but is located on the y-axis.  dxTFi is calculated by subtracting 
the x-coordinate of location TFci from the x-coordinate of node TFi.  Similar constraint 
equations for the bottom flange are as follows: 
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where, φyBFi, φyBFc, uzBFi, uzBFc, and dxBFi are the φy of node BFi, φy of node BFc, uz of 
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node BFi, uz of node BFc, and distance from node BFi to node BFc, respectively.  Note 
that node BFi is a node on the bottom flange and node BFc is the node located at the 
center of the bottom flange.  dxBFi is calculated by subtracting the x-coordinate of location 
BFc from the x-coordinate of node BFi.   
 
FE Model of Steel Cross-Section 
The top flange (tube), web, and bottom flange were modeled using a four node S4R 
three-dimensional shell element that is a general-purpose, finite-membrane-strain, and 
reduced integrated shell element.  The general-purpose shell elements in ABAQUS 
Version 6.1 (ABAQUS 2000) allow transverse shear deformation by using thick shell 
theory when needed, and using Kirchhoff thin shell theory otherwise.  Finite-membrane-
strain elements approximate the effects of finite (not infinitesimal) membrane (in-plane) 
strains, using an effective Poisson’s ratio to approximate incompressibility under plastic 
deformation.  The S4R shell element has six active degrees of freedom, three 
displacements and three rotations, per node. 
A linear elastic isotropic material model, defined by an elastic modulus of 200 GPa 
(29000 ksi) and Poisson’s ratio of 0.3 was used for the elastic range.  An isotropic 
plasticity model using Von Mises yield surface with an associated plastic flow rule was 
used for the inelastic range.  The Von Mises yield surface is defined by providing a 
uniaxial stress-strain relationship.  For the present study, the uniaxial stress-strain 
relationship of the material was modeled as a simplified elastic-perfectly-plastic stress-
strain curve with no strain hardening.  Residual stresses were not considered. 
 
Geometric Imperfections 
Initial geometric imperfections were introduced into the model for nonlinear load-
displacement analyses.  The imperfection shape was the lowest LTB mode obtained from 
an elastic buckling analysis, as shown in Figure 4.3, and scaled so that the maximum out-
of straightness of the compression flange was L/1000, where L is the total length, which 
is the standard tolerance for sweep (AISC, 1998).  The scaled imperfection was added to 
the perfect geometry to create a perturbed initial geometry. 
 
4.2.3 ANALYSES 
Elastic Buckling Analyses 
Elastic buckling analyses (eigenvalue buckling analyses) of the US-HTFG FE 
models were conducted to check the models and to understand the expected failure 
modes.  The lowest LTB mode obtained from the elastic buckling analysis was later used 
as an initial geometric imperfection shape for the nonlinear load-displacement analysis.  
Lengths of girder with the same cross-section were analyzed.  Thirteen different unbraced 
lengths ranging from 30.5 m (1200 in) to 91.4 m (3600 in) were studied. 
The FE analysis results (the bending moment corresponding to the lowest buckling 
mode) were compared with theoretical LTB strengths, as shown in Figure 4.4.  Note that 
for each case, the lowest buckling mode from the elastic buckling analysis was a LTB 
mode so that the strength represents the LTB strength.  The FE analysis results presented 
in this section (denoted by MWD, model with distortion, as discussed below) have 
smaller LTB strengths than given by the theoretical equation.  As the unbraced length is 
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decreased, the difference in strength between the FE analysis results and the theoretical 
LTB strength is increased.   
The reason for the differences between the FE analysis results and the theoretical 
results is cross-section distortion due to out-of-plane bending of the web in the FE models, 
which reduces the LTB strength.  Note that cross-section distortion was not expected 
because the prototype US-HTFG section was designed to satisfy the 1998 AASHTO 
LRFD stocky web condition.  However, it was observed that the significant torsional 
rigidity of the tubular flange increased the tendency for the web to distort. 
Analyses of modified FE models were conducted.  In the modified models, rotations 
about the global z-axis of all nodes on the cross-section were constrained to be equal.  
This constraint prevents cross-section distortion and produces conditions assumed by the 
theory used to develop the theoretical LTB strength.  The results from the modified FE 
models (denoted by MWOD, model without distortion) are in good agreement with the 
theoretical LTB strengths, as shown in Figure 4.4.  Figure 4.5 shows the displaced cross-
sections of the MWD and the MWOD at mid-span for the FE model with an unbraced 
length of 30.5 m (1200 in).  The cross-section distortion can be clearly seen in the MWD.  
These comparisons between the FE results and the theoretical results verify the suitability 
and accuracy of the US-HTFG FE models. 
 
Nonlinear Load-Displacement Analyses 
Nonlinear load-displacement analyses, including both material and geometric 
nonlinearity, of the US-HTFG FE models were conducted to obtain the flexural strength 
considering LTB.  The modified Riks method of analysis was used. 
Two different FE models, namely the MWD and the MWOD, were analyzed.  Initial 
geometric imperfections obtained from elastic buckling analyses of the two models were 
introduced to the corresponding nonlinear FE models.  Nine different unbraced lengths 
were analyzed for each model: 3.1 m (120 in), 4.3 m (170 in), 12.7 m (500 in), 19.1 m 
(750 in), 25.4 m (1000 in), 30.5 m (1200 in), 40.6 m (1600 in), 50.8 m (2000 in), and 
61.0 m (2400 in). 
It was observed from the nonlinear FE analysis results that lateral displacement and 
twist increase continuously after the loading begins, and become very large as the applied 
moment approaches the ultimate strength.  The continuously increasing lateral 
displacement requires a certain moment to be defined to represent the LTB strength. 
Previous researchers have used different methods to define the buckling strength 
from nonlinear analysis and test results.  For example, Zhao et al. (1995) conducted 
lateral buckling tests of cold-formed rectangular hollow section (RHS) beams with 
several span lengths between 2.0 m and 7.0 m.  They observed that for all the cases, 
excessive in-plane deformations and out-of-plane deformations occurred when the tests 
were terminated, even though collapse had not occurred.  They also observed that the 
maximum bending moments reached in the tests depend on the lateral deflections at 
which the tests were terminated and the larger the slenderness ratio (i.e., yzpx MM=λ , 
where pxM  is the plastic moment capacity and yzM  is the elastic buckling moment) the 
larger the lateral deflection.  For the beam with a span of 2.0 m, the maximum bending 
moment reached in the test was approximately 98.6% of the plastic moment capacity.  
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Zhao et al. (1995) defined the lateral buckling strength for the remaining specimens as 
the moment at a lateral deflection equal to the ratio of λ  for the specimen to λ  of the 2.0 
m span beam times the lateral deflection of the 2.0 m span beam when it reached the 
maximum moment (i.e., ( ) )m0.2L(l)m0.2L(l ss == ∆×λλ=∆ ).  
In this study, three limit states are used to define LTB strength.  The first limit state 
is the limit of instability (LI) which is the point of maximum moment.  The moment at LI 
is denoted by MLI.  However, unreasonably large vertical in-plane displacements and 
lateral out-of-plane displacements were obtained at the LI, especially for FE models with 
long unbraced lengths.  A second limit state, therefore, is used to define LTB strength, as 
follows.  At the early stages of loading of the US-HTFG FE models, the top flange (tube) 
is in compression while the bottom flange is in tension due to in-plane bending.  In these 
early stages, the vertical displacements are much larger than the lateral displacements.  At 
a certain load level, however, the out-of-plane (lateral) bending of the tube results in a 
reversal in the strain increment at locations in both flanges.  Beyond this load level, the 
lateral displacement increases dramatically while the vertical displacement increases 
gradually.  Based on these observations, the second limit state used to define LTB 
strength is the onset of instability (OI), which is the point when the strain increment 
reverses at any location on the cross-section due to lateral bending.  The moment at OI is 
denoted by MOI.   
Figure 4.6 through Figure 4.9 show analysis results for the MWOD with an 
unbraced length of 4.3 m.  In addition to the LTB strength characterized by the OI and LI 
limit states, a third limit state was used to define LTB strength, first yielding of the steel, 
which was checked at the center of the bottom flange and the tube outer surface.  In these 
figures, FY represents first yielding at either the center of the bottom flange or the tube 
outer surface.  The moment at FY is denoted by MFY.  In Figure 4.6, the applied moment 
is plotted versus the longitudinal strains at six critical locations denoted by A through F.  
As explained above, at the early stages of loading, locations A, B, and C (tube) are in 
compression while locations D, E, and F (bottom flange) are in tension due to in-plane 
bending.  Yielding initiates at location B before reaching the OI limit state.  This yielding 
is caused by in-plane bending.  At a greater load level, the strain increment reverses at 
locations C and D due to out-of-plane bending.  Figure 4.7 shows the longitudinal strain 
increments at the FY, OI, and LI limit states.  The longitudinal strain increments at 
locations C and D reverse at the OI limit state.  The applied moment versus vertical 
displacement and lateral displacement at the mid-span cross-section are shown in Figure 
4.8 and Figure 4.9 respectively.  The yield moment (My) and plastic moment (Mp) 
obtained from cross-section analyses are also included in these figures.  MFY is in good 
agreement with My.  However, MLI does not reach Mp due to lateral-torsional instability.  
It is observed from Figure 4.6 through Figure 4.9 that for the case with an unbraced 
length of 4.3 m, the behavior of the girder is mainly controlled by in-plane bending up to 
yielding, and after yielding, out-of-plane bending influences the behavior of the girder. 
Figure 4.10 through Figure 4.13 show analysis results for the MWOD with an 
unbraced length of 61.0 m.  As shown in Figure 4.10, the strain increment reverses at 
locations C and D before yielding initiates due to out-of-plane bending.  Yielding initiates 
at a much greater load level at location A due to a combination of in-plane bending and 
out-of-plane bending.  The LI limit state occurs almost immediately after the FY limit 
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state.  Figure 4.11 shows the longitudinal strain increments at the OI, FY, and LI limit 
states.  Figure 4.12 and Figure 4.13 show the applied moment versus vertical 
displacement and lateral displacement at the mid-span cross-section, respectively.  My 
and Mp obtained from section analyses are also included in these figures. MOI, MFY, and 
MLI are all much smaller than My.  It was observed from these figures that for the case 
with an unbraced length of 61.0 m, out-of-plane bending influences the behavior of the 
girder at very early stages of the loading.  
For girders with an unbraced length between the two values (4.3 m and 61.0 m) 
presented above, the influence of out-of plane bending on the behavior of the girder is 
somewhere between the results presented above.   
Table 4.2 summarizes the analysis results for US-HTFGs.  The moments at FY, OI, 
and LI (MFY, MOI, and MLI) and the section capacities (My and Mp) of each case are 
presented in the sequence they would be reached.  My and Mp are listed, even when they 
are not reached indicating that they are greater than MLI.  As the unbraced length 
increases, the influence of out-of-plane bending on the behavior of the girder increases 
and therefore the strain increment reverses (OI is reached) earlier (at a lower level of 
load) relative to yielding (FY is reached).  It was also observed that the influence of out-
of-plane bending is more critical for the MWD than the MWOD for the same unbraced 
length. 
The LTB strengths (MOI and MLI) of the MWD and the MWOD are compared in 
Figure 4.14.  The differences between the MWD and the MWOD for MOI or MLI are the 
largest when the unbraced length equals 12.7 m.  As the unbraced length is increased, the 
differences between the MWD and the MWOD are reduced.  This result shows that the 
effect of cross-section distortion is more critical for an intermediate unbraced length than 
for a long unbraced length.  Therefore, distortion control is required to increase the LTB 
strength, especially for a girder with an intermediate unbraced length, even though this 
section may satisfy the AASHTO (1998) requirement for a stocky web.  
 
4.3 FE MODELS AND FE ANALYSES OF UNSTIFFENED CONCRETE FILLED 
TUBULAR FLANGE GIRDERS (US-CFTFGs) 
FE models of the US-HTFGs were presented in the previous section.  In this section, 
the model for the concrete infill is introduced.  This concrete model was combined with 
the FE models of the US-HTFGs to construct the FE models of the US-CFTFGs.  Elastic 
buckling analyses were conducted and the results of these analyses were compared with 
the theoretical LTB strength.  Nonlinear load-displacement analyses, including both 
material and geometric nonlinearity were conducted.  The results of these analyses are 
also presented in this section. 
 
4.3.1 PROTOTYPE SECTION 
The prototype section used for the US-CFTFG FE models is identical to the one used 
for the US-HTFG FE models but includes the concrete infill.   
 
4.3.2 FE MODEL DESCRIPTION 
The boundary conditions, loading conditions, and the FE model of the steel cross-
section of the US-CFTFG FE models are identical to those of the US-HTFG FE models.  
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The constraints described in Section 4.2.2 were applied to elements modeling both the 
steel and concrete infill at the end section.  The initial geometric imperfection shape was, 
again, the lowest LTB mode obtained from the elastic buckling analysis.  The FE models 
of the concrete infill and the interface between the steel tube and the concrete infill are 
presented below. 
 
FE Model of Concrete Infill 
The concrete infill was modeled with an eight node C3D8R three-dimensional solid 
element that is reduced integrated brick element with hourglass control.  The C3D8R 
solid element has three active degrees of freedom, three displacements, per node. 
The concrete material was modeled using an isotropic linear elastic model for the 
elastic range and a multiaxial plasticity model for the inelastic range.  For the isotropic 
linear elastic model, the elastic modulus was obtained from the equation in the ACI 
Building Code Requirements for Structural Concrete (ACI 2002) and Poisson’s ratio was 
0.2.  For the multiaxial plasticity model, the ‘CONCRETE’ material model that is 
available in ABAQUS Version 6.1 (ABAQUS 2000) was examined first.  The multiaxial 
plasticity model of the ‘CONCRETE’ material model consists of a 2 parameter Drucker-
Prager compression yield surface, isotropic hardening or softening behavior, and an 
associated flow rule.  However, as explained in (ABAQUS 2000), the associated flow 
assumption generally overpredicts the inelastic volumetric strain.  Varma (2000) shows 
that combined tension cracking and concrete inelasticity in the ‘CONCRETE’ material 
model causes convergence problem.  Therefore, for this study, a linear Drucker-Prager 
model was used as the multiaxial plasticity model.  A non-associated flow rule with 
isotopic hardening and softening behavior was used.  The linear Drucker-Prager model is 
often used to model materials with a compressive yield stress that is significantly 
different than the tensile yield stress.  The details of the linear Drucker-Prager model are 
presented below. 
 
Concrete Multiaxial Plasticity Model (Linear Drucker-Prager Model) 
The yield surface of the linear Drucker-Prager model has a linear form in the 
meridional stress plane and a noncircular shape in the deviatoric stress plane as shown in 
Figure 4.15.  The noncircular yield surface allows different yield values to be defined in 
tension and compression.  The plastic flow is controlled by a dilation angle which differs 
from the friction angle.  The linear Drucker-Prager yield surface is expressed as follows. 
0dtanptF =−β−=                                                                                            (4.10) 
In Equation (4.10), 
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where, t is the deviatoric stress measure, p is the equivalent pressure stress, β is the slope 
of the linear yield surface called the friction angle of the material, d is the cohesion of the 
material, q is the von Mises equivalent stress, K is the ratio of the yield stress in triaxial 
tension to the yield stress in triaxial compression, r is the term defined by the third 
invariant of deviatoric stress tensor, I1 is the first invariant of the stress tensor, J2D is the 
second invariant of the deviatoric stress tensor, J3D is the third invariant of the deviatoric 
stress tensor, σ1 is the first principal stress, σ2 is the second principal stress, σ3 is the third 
principal stress, Sij is the deviatoric stress tensor, S1 is the first principal deviatoric stress, 
S2 is the second principal deviatoric stress, and S3 is the third principal deviatoric stress.   
The yield surface in the meridional plane is controlled by β which defines a slope 
and d which defines the size on the t–axis when p is equal to zero.  By defining different 
K values, the yield surface in the deviatoric plane can be varied.  If K is equal to 1.0, t 
becomes q which causes the yield surface to be identical with the von Mises circle in the 
deviatoric plane.  To ensure convexity of the yield surface, K is required to be between 
0.778 and 1.0. 
The d is related to the hardening and softening behavior of the material that is 
defined by the stress-strain curve under uniaxial compression.  Therefore, d is established 
from the uniaxial compression yield stress.  Under uniaxial compression, σ1 is equal to -
σuni while σ2 and σ3 are equal to 0, where σuni is the uniaxial compression yield stress.  
Equation (4.10) simplifies to Equation (4.18) under uniaxial compression and an 
assumption that K is equal to 1.0. 
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The plastic flow is expressed by the flow potential as follows. 
ψ−= tanptG                                                                                                       (4.19) 
In Equation (4.19) ψ is the dilation angle in the meridional plane.  The plastic flow is 
normal to the yield surface in the deviatoric plane but at the dilation angle to the t-axis in 
the meridional plane (see Figure 4.15).  If ψ is equal to β, the flow rule is the associated 
flow rule. 
To define the linear Drucker-Prager model, values of β, K, and ψ, as well as the 
stress-strain curve under uniaxial compression are required. 
 
Idealized Stress-Strain Curve for Concrete Infill 
An empirical stress-strain model for unconfined concrete developed by Oh (2002), 
called the OS model, was used as an idealized uniaxial compression stress-strain curve 
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for the concrete infill.  The idealized stress-strain curve is composed of three regions 
which are the elastic, ascending, and descending regions.  The elastic region, which is 
assumed to have a linear elastic response, is defined up to 30 percent of the peak stress by 
the following expressions. 
ε=σ cE                                                                                                                 (4.20) 
)psi(f57000E 'cc =                                                                                          (4.21) 
where, σ, ε, Ec, and fc' are the stress, strain, elastic modulus, and peak compressive stress, 
respectively.  The nonlinear ascending region is defined up to the peak stress by the 
following expressions. 
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where, εo, εuc, and ra are the strain at the stress of 0.3 fc', the strain at the peak stress, and 
the ascending region parameter, respectively.  The nonlinear descending region is defined 
after the peak stress by the following expressions. 
dr
uc
d
d
uc
'
c
1r
r
f




ε
ε+−




ε
ε=σ                                                                                 (4.26) 
)ksi(f077.0f32.058.0r 2'c
'
cd ++=                                                                    (4.27) 
where, rd is the descending region parameter. 
Concrete with 27.6 MPa (4 ksi) compressive strength was assumed for the concrete 
infill of the prototype section.  Figure 4.16 shows the idealized stress-strain curve of the 
concrete infill. 
 
Calibration of Concrete Material Model 
To define the linear Drucker-Prager model, values of β, K, and ψ are required.  The 
value of K was assumed to be 1.0.  The value of β was calibrated based on the stress-
strain response of confined concrete.  The value of ψ was calibrated based on the ratio of 
transverse strain to axial strain at the peak stress of unconfined and confined concrete. 
When the concrete filled steel tube is subjected to axial compression, a gap develops 
between the steel tube and the concrete infill in the elastic range because Poisson’s ratio 
for the concrete is smaller than that of the steel tube.  Beyond the elastic range of the 
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concrete infill, the concrete infill dilates (strains transversely) faster than the steel tube, 
producing contact between the steel tube and the concrete infill.  As the axial 
compressive stress is increased, after contact between the steel tube and the concrete infill 
occurs, continued dilation of the concrete infill is restricted by the steel tube, producing a 
variable confining pressure to the concrete infill in the transverse direction.  This 
confining pressure increases the compressive strength of the concrete infill.   
An empirical expression for the compressive strength of confined concrete proposed 
by Richart et al. (1928) was adapted to calibrate the value of β .  The expression from 
Richart et al. (1928) follows. 
t
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where, fcc' and ft are the peak longitudinal stress and the constant transverse confining 
pressure, respectively. 
To calibrate β  with Equation (4.28), the multiaxial plasticity model is assumed to be 
in a pure compression stress state with constant confining pressure (a triaxial stress state).  
The first, second, and third principal stresses in the concrete infill are, therefore, 
expressed by -σtri, -σt, and -σt, respectively, where σtri is the yield stress in axial 
compression under triaxial compression and σt is the constant transverse confining 
pressure.  Equation (4.10) simplifies to Equation (4.29) with the assumption of this 
triaxial compression state, and the use of K equal to 1.0. 
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Equation (4.29) is in the form of Equation (4.28) with tri'ccf σ= , uni'cf σ= , and ttf σ= .  
By setting the factor of the second term in Equation (4.29) equal to 4.1 from Equation 
(4.28), β  was determined to be 56.7 degrees. 
The value of ψ was selected so that the ratio of transverse strain to axial strain at the 
peak stress, denoted as 0sη , of the unconfined and confined concrete is equal to -0.4, as 
proposed by Oh (2002).  To determine this value of ψ, FE models of unconfined and 
confined concrete were developed and analyzed, including both material and geometric 
nonlinearity, under axial compressive load using the modified Riks method (ABAQUS 
2000).  The confined concrete model was a concrete filled steel tube.  The FE models of 
the unconfined and confined concrete were 305 mm (12 in) in length and 152 mm (6 in) 
in diameter.  A 5.1 mm (0.2 in) steel tube thickness was used for the confined concrete.  
The material properties of the concrete and steel for these FE models were identical with 
those of the US-CFTFG FE models.  Plane sections were forced to remain plane at the 
loaded and supported ends by constraints.  The interface between the steel tube and 
concrete infill for the FE models of the confined concrete was modeled using uniaxial 
gap-contact elements in the transverse direction, and assuming perfect bond in the 
longitudinal direction.  The details of the interface modeling are explained in the next 
subsection.  The value of ψ was treated as a variable while the values of K and β were set 
to 1.0 and 56.7 degrees, respectively.  Figure 4.17 shows the variation of 0sη  with 
 57
ψ from the analysis results of the FE models of the unconfined and confined concrete.  
The value of ψ was chosen to be 15.0 degrees based on the results shown in Figure 4.17.   
Figure 4.18 shows the compressive stress-strain responses from nonlinear analysis of 
the FE models of the unconfined and confined concrete using the linear Drucker-Prager 
model with values of K, β, and  ψ equal to 1.0, 56.7, and 15.0, respectively.  A value of -
2.15 MPa is the transverse confining pressure at the peak longitudinal stress from the FE 
model of the confined concrete.  The result from Equation (4.28), the empirical 
expression proposed by Richart et al. (1928), with tf  equal to 2.15 MPa, is shown in 
Figure 4.18.  Good agreement with the compressive strength of the calibrated FE 
concrete model is observed.  Figure 4.19 shows the tensile stress-strain response of the 
calibrated concrete model.  
 
FE Model of Interface between Steel Tube and Concrete Infill 
Interactions between the steel tube and concrete infill occur in the transverse and 
longitudinal directions.  The contact and bond between the steel tube and concrete infill 
cause these interactions between the two components in the transverse and longitudinal 
directions, respectively. 
In the US-CFTFG FE models used in the elastic buckling analyses, the three 
displacements of the nodes in the steel tube were constrained to those of the 
corresponding nodes in the concrete infill, which imposed perfect composite conditions.  
This model is the simplest linear model available for the elastic bucking analyses.  In the 
US-CFTFG FE models used in the nonlinear load-displacement analyses, the interface 
between the steel tube and concrete infill was modeled more carefully as follows. 
In the transverse direction, the interface between the steel tube and concrete infill 
was modeled with uniaxial gap contact elements.  The gap contact elements allow the 
nodes associated with the steel tube and the nodes associated with the concrete to be in 
contact or separated in the transverse direction.  The uniaxial gap contact elements were 
connected to the two corresponding nodes of the steel tube and concrete infill with a 
fixed contact direction specified to be perpendicular to the surface of the steel tube.  The 
steel tube and concrete infill were assumed to be in contact initially. 
In the longitudinal direction, the steel tube was assumed to be bonded perfectly to the 
concrete infill.  Therefore, the interface between the steel tube and concrete infill was 
modeled by constraining the longitudinal displacements of the corresponding nodes of 
the steel tube elements and concrete infill elements to have equal displacements.  Note 
that this assumption is based on the results of preliminary FE analysis studies.  In these 
FE analysis studies, the longitudinal bond between the steel tube and concrete infill was 
modeled using spring elements connected to the two corresponding nodes of the steel 
tube and concrete infill and an elastic-plastic force-relative displacement behavior was 
used for these spring elements based on work by Varma (2000).  It was observed that the 
results from this model are very similar to the results from the model which assumed the 
steel tube was bonded perfectly to the concrete infill. 
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4.3.3 ANALYSES 
Elastic Buckling Analyses 
Elastic buckling analyses (eigenvalue buckling analyses) of the US-CFTFG FE 
models were conducted to check the models and to understand the expected failure 
modes.  The lowest LTB mode obtained from the elastic buckling analysis was used as an 
initial geometric imperfection shape for the nonlinear load-displacement analysis.  The 
girder cross-section was kept constant, and eight different unbraced lengths ranging from 
19.1 m (750 in) to 81.3 m (3200 in) were analyzed.   
The FE analysis results (the bending moment corresponding to the lowest buckling 
mode) of the MWD and the MWOD were compared with the theoretical LTB strength in 
Figure 4.20.  Note that the lowest buckling mode from the elastic buckling analysis was 
a LTB mode so that the strength from the FE models represents the LTB strength.  The 
analysis results for the US-CFTFG MWOD are in good agreement with the theoretical 
LTB strength.  The LTB strength for the US-CFTFG MWD is smaller than the theoretical 
LTB strength.  As mentioned before the differences between the MWD and MWOD LTB 
strengths are caused by cross-section distortion. 
 
Nonlinear Load-Displacement Analyses 
Nonlinear load-displacement analyses, including both material and geometric 
nonlinearity, of the US-CFTFG FE models were conducted to obtain the flexural strength 
considering LTB.  The modified Riks method of analysis was used. 
Both the MWD and MWOD models were analyzed.  Initial geometric imperfections 
obtained from elastic buckling analyses of the two models were introduced to the 
corresponding nonlinear FE models.  Nine different unbraced lengths were analyzed for 
each model: 3.1 m (120 in), 4.3 m (170 in), 12.7 m (500 in), 19.1 m (750 in), 25.4 m 
(1000 in), 30.5 m (1200 in), 40.6 m (1600 in), 50.8 m (2000 in), and 61.0 m (2400 in). 
The analysis results for three different unbraced lengths (4.3 m, 30.5 m, and 61.0 m) 
of MWOD are presented in this section.  4.3 m, 30.5 m, and 61.0 m represent short, 
intermediate, and long unbraced lengths, respectively. 
Figure 4.21 through Figure 4.23 show the analysis results for the MWOD with an 
unbraced length of 4.3 m.  In Figure 4.21 and Figure 4.22, the applied moment is plotted 
versus the vertical displacement and the lateral displacement at the mid-span cross-
section, respectively.  The yield moment (My) and plastic moment (Mp) obtained from 
cross-section analyses are also included in these figures.  The details regarding the 
calculation of My for the US-CFTFGs section are presented in Section 3.2.2.  It was 
observed that yielding initiates at the top region of the steel tube due to in-plane bending.  
However, MFY appear to be larger than My.  This is caused by the confining pressure that 
increases the compressive strength of the concrete infill, which increases the stiffness of 
the section and delays first yielding.  The OI and LI limit states follow after FY.  MLI is 
slightly larger than Mp.  The reason for the difference between LIM  and pM  can be 
explained as follows.  The flexural strength of the US-CFTFG is affected by the contact 
stresses between the steel tube and the concrete infill.  The contact stresses between the 
steel tube and the concrete infill provide confining pressure to the concrete infill in the 
transverse direction and increase the compressive strength of the concrete infill.  
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Conversely, tensile hoop stresses develop in the steel tube as a result of the contact 
stresses and cause the tube to yield earlier under longitudinal compressive stresses in 
accordance with the Von Mises yield criterion.  The longitudinal stresses of the steel and 
concrete infill at the LI limit state are shown in Figure 4.23.  It was observed from this 
figure that the maximum stress in the concrete infill is 44.8 MPa (6.5 ksi).  This value is 
much larger than the uniaxial compressive strength which is 27.6 MPa (4 ksi), illustrating 
the effect of the confining pressure.  It is observed from these figures that for this case, 
with an unbraced length of 4.3 m, the behavior of the girder is mainly controlled by in-
plane bending up to yielding, and after yielding, out-of-plane bending influences the 
behavior of the girder. 
The analysis results for the MWOD with an unbraced length of 30.5 m are shown in 
Figure 4.24 through Figure 4.26.  The strain increment reverses on the tube before 
yielding initiates due to out-of-plane bending.  Yielding initiates at the bottom flange due 
to a combination of in-plane bending and out-of-plane bending.  The LI limit state occurs 
right after the FY limit state.  Figure 4.26 shows longitudinal stresses of the steel and 
concrete infill at the LI limit state.  It was observed from these figures that for this case 
with an unbraced length of 30.5 m, out-of-plane bending influences the behavior of the 
girder at very early stages of the loading. 
The analysis results for the MWOD with an unbraced length of 61.0 m are shown in 
Figure 4.27 through Figure 4.29.  The sequence of the limit states is the same as the 
sequence for the case with an unbraced of 30.5 m.  The stain increment on the tube 
reverses, first yielding occurs on the bottom flange, and the maximum moment is reached 
in sequence.  The influence of out-of-plane bending for this case starts at earlier stages of 
loading than for the case with an unbraced length of 30.5 m.  
Table 4.3 summarizes the analysis results for US-CFTFGs.  The moments at FY, OI, 
and LI (MFY, MOI, and MLI) and the section capacities (My and Mp) of each case are 
presented in the sequence they would be reached.  The results are similar to those for US-
HTFGs.  For the MWOD with a short unbraced length, however, it is shown that the 
confining pressure developed in the concrete infill delays the first yielding and increases 
the maximum moment beyond the plastic moment. 
The LTB strengths (MOI and MLI) of the MWD and the MWOD are compared in 
Figure 4.30.  These results are similar to those for the US-HTFGs.   
 
4.4 EFFECT OF CONCRETE INFILL 
In order to investigate the effect of the concrete infill, the analysis results from the 
FE models of the US-HTFGs were compared with those from the US-CFTFGs.  Figure 
4.31 and Figure 4.32 compare MOI and MLI of US-HTFG and US-CFTFG of the MWOD, 
respectively.  The MOI of the US-CFTFG is about 25% larger than that of the US-HTFG 
over the entire range of unbraced length (see Figure 4.31).  The MLI of the US-CFTFG is 
also larger than that of the US-HTFG by about 20% for unbraced lengths less than 40.6 m.  
For unbraced lengths more than 40.6 m, the MLI of the US-CFTFG is larger than that of 
the US-HTFG but the increase in strength decreases as the unbraced length is increased 
(see Figure 4.32).  Similar results were obtained from comparing the MWD.   
It was concluded from the above observations that the concrete infill has the effect of 
increasing the LTB strength.  However, for girders with long unbraced lengths, the effect 
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of the concrete infill is relatively small compared to girders with short and intermediate 
unbraced lengths. 
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Table 4.1  Dimensions and material property of prototype US-HTFG section 
Dtube Ttube Dweb Tweb Bbf Tbf Fy
mm (in) mm (in) mm (in) mm (in) mm (in) mm (in) MPa (ksi)
356 (14.0) 12.7 (0.5) 889 (35.0) 19.1 (0.75) 457 (18.0) 25.4 (1.0) 485 (70)
 
 
Table 4.2  MFY, MOI, and MLI from nonlinear load-displacement analyses of US-HTFG 
FE models and section capacities (My and Mp) in sequence 
Unbraced
Length (m)
MWOD MFY My
* MOI MLI Mp
MWD MFY My
* MOI MLI Mp
MWOD MFY My
* MOI MLI Mp
MWD MFY My
* MOI MLI Mp
MWOD MFY My
* MOI MLI Mp
MWD MOI MFY MLI My Mp
MWOD MFY My
* MOI MLI Mp
MWD MOI MFY MLI My Mp
MWOD MOI MFY MLI My Mp
MWD MOI MFY MLI My Mp
MWOD MOI MFY MLI My Mp
MWD MOI MFY MLI My Mp
MWOD MOI MFY MLI My Mp
MWD MOI MFY MLI My Mp
MWOD MOI MFY MLI My Mp
MWD MOI MFY MLI My Mp
MWOD MOI MFY MLI My Mp
MWD MOI MFY MLI My Mp
* My is reached at the same time as MFY
Model
50.8
61.0
25.4
30.5
3.1
4.3
40.6
12.7
19.1
Sequence of Moment Limit States
(left to right)
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Table 4.3  MFY, MOI, and MLI from nonlinear load-displacement analyses of US-CFTFG 
FE models and section capacities (My and Mp) in sequence 
Unbraced
Length (m)
MWOD My MFY Mp MOI MLI
MWD My MFY MOI MLI Mp
MWOD My MFY Mp MOI MLI
MWD My MFY MOI MLI Mp
MWOD My MFY MOI MLI Mp
MWD MOI MFY MLI My Mp
MWOD My MFY MOI MLI Mp
MWD MOI MFY MLI My Mp
MWOD MOI MFY MLI My Mp
MWD MOI MFY MLI My Mp
MWOD MOI MFY MLI My Mp
MWD MOI MFY MLI My Mp
MWOD MOI MFY MLI My Mp
MWD MOI MFY MLI My Mp
MWOD MOI MFY MLI My Mp
MWD MOI MFY MLI My Mp
MWOD MOI MFY MLI My Mp
MWD MOI MFY MLI My Mp
61.0
25.4
30.5
40.6
50.8
12.7
19.1
4.3
3.1
Model
Sequence of Moment Limit States
(left to right)
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Figure 4.1  Boundary conditions and loading conditions of US-HTFG FE model 
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Figure 4.2  Constraints at end section of US-HTFG FE model 
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Figure 4.3  Typical lowest LTB mode of US-HTFG obtained from elastic buckling 
analysis 
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Figure 4.4  Elastic LTB strengths of US-HTFG 
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Figure 4.5  Cross-sections of US-HTFG at mid-span from elastic buckling analysis 
(L=30.5 m) 
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Figure 4.6  Moment vs. longitudinal strain of US-HTFG MWOD at critical locations of 
mid-span cross-section (L=4.3 m) 
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(a) at first yielding (FY)
(b) at onset of instability (OI)
(c) at limit of instability (LI)
 
Figure 4.7  Longitudinal strain increments of US-HTFG MWOD (L=4.3m) 
 67
0
1000
2000
3000
4000
5000
6000
7000
8000
9000
-70-60-50-40-30-20-100
Vertical displacement (mm)
M
om
en
t (
kN
-m
)
Mp
My
FY
OI LI
 
Figure 4.8  Moment vs. vertical displacement of US-HTFG MWOD at mid-span cross-
section (L=4.3 m) 
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Figure 4.9  Moment vs. lateral displacement of US-HTFG MWOD at mid-span cross-
section (L=4.3 m) 
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Figure 4.10  Moment vs. longitudinal strain of US-HTFG MWOD at critical locations of 
mid-span cross-section (L=61.0 m) 
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(a) at onset of instability (OI)
(b) at first yielding (FY)  
 
Figure 4.11  Longitudinal strain increments of US-HTFG MWOD (L=61.0m) 
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(c) at limit of instability (LI)  
Figure 4.11  Longitudinal strain increments of US-HTFG MWOD (L=61.0m) (continued) 
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Figure 4.12  Moment vs. vertical displacement of US-HTFG MWOD at mid-span cross-
section (L=61.0 m) 
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Figure 4.13  Moment vs. lateral displacement of US-HTFG MWOD at mid-span cross-
section (L=61.0 m) 
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Figure 4.14  LTB strengths (MOI and MLI) of US-HTFG 
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Figure 4.15  Linear Drucker-Prager model 
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Figure 4.16  Idealized stress-strain curve of concrete infill 
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Figure 4.17  Variation of ηs0 with ψ 
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Figure 4.18  Compressive stress-strain responses of unconfined and confined concrete 
 74
0
5
10
15
20
25
30
35
40
0 0.002 0.004 0.006 0.008 0.01
Strain (mm/mm)
St
re
ss
 (M
Pa
)
 
Figure 4.19  Tensile stress-strain response of concrete 
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Figure 4.20 Elastic LTB strengths of US-CFTFG 
 75
0
2000
4000
6000
8000
10000
12000
-60-50-40-30-20-100
Vertical displacement (mm)
M
om
en
t (
kN
-m
)
Mp
My
FY
OI LI
 
Figure 4.21  Moment vs. vertical displacement of US-CFTFG MWOD at mid-span cross-
section (L=4.3 m) 
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Figure 4.22  Moment vs. lateral displacement of US-CFTFG MWOD at mid-span cross-
section (L=4.3 m) 
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Figure 4.23  Longitudinal stresses of US-CFTFG MWOD at LI (L=4.3 m) 
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Figure 4.24  Moment vs. vertical displacement of US-CFTFG MWOD at mid-span cross-
section (L=30.5 m) 
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Figure 4.25  Moment vs. lateral displacement of US-CFTFG MWOD at mid-span cross-
section (L=30.5 m) 
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Figure 4.26  Longitudinal stresses of US-CFTFG MWOD at LI (L=30.5 m) 
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Figure 4.27  Moment vs. vertical displacement of US-CFTFG MWOD at mid-span cross-
section (L=61.0 m) 
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Figure 4.28  Moment vs. lateral displacement of US-CFTFG MWOD at mid-span cross-
section (L=61.0 m) 
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Figure 4.29  Longitudinal stresses of US-CFTFG MWOD at LI (L=61.0 m) 
 81
0
2000
4000
6000
8000
10000
12000
0 10 20 30 40 50 60 70 80
Unbraced length (m)
L
T
B
 s
tr
en
gt
h 
(k
N
-m
)
LI (MWOD)
OI (MWOD)
LI (MWD)
OI (MWD)
 
Figure 4.30  LTB strengths (MOI and MLI) of US-CFTFG 
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Figure 4.31  Comparison of MOI of US-HTFG and US-CFTFG MWOD 
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Figure 4.32  Comparison of MLI of US-HTFG and US-CFTFG MWOD 
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CHAPTER 5  
FINITE ELEMENT PARAMETRIC STUDY 
 
5.1 INTRODUCTION 
Finite element (FE) models of unstiffened hollow tubular flange girders (US-HTFGs) 
and unstiffened concrete-filled tubular flange girders (US-CFTFGs) were described in 
Chapter 4.  In addition, the results from analyses of the FE models of the prototype 
section were presented in Chapter 4.  It was observed from these results that cross-section 
distortion decreases the lateral torsional buckling (LTB) strength of concrete-filled 
tubular flange girders (CFTFGs), and reducing (or eliminating) the cross-section 
distortion will increase the LTB strength. 
In this chapter, a FE parametric study is presented.  The objective of the study is to 
investigate the influence of girder geometry and material strength on the flexural strength, 
considering LTB, of CFTFGs.  Further analyses of the US-CFTFG FE models were 
conducted first to verify the results presented in Chapter 4, and these results are presented 
in Section 5.2.  Based on these results, transverse stiffeners were introduced to increase 
the LTB strength by reducing the cross-section distortion.  The details of the stiffener 
arrangements are presented in Section 5.3.  Analyses of FE models of stiffened concrete-
filled tubular flange girders (S-CFTFGs) were conducted for the selected stiffener 
arrangements.  These results are presented in Section 5.4.  Finally, based on parametric 
study results for the S-CFTFGs, design flexural strength formulas for S-CFTFGs, 
considering LTB and/or yielding, are developed, and are presented in Section 5.5. 
 
5.2 PARAMETRIC STUDY OF UNSTIFFENED CONCRETE FILLED 
TUBULAR FLANGE GIRDERS (US-CFTFGs) 
To investigate the influence of girder geometry and material strengths on the flexural 
strength, considering LTB, of US-CFTFGs, an analytical parametric study was conducted 
of FE models developed using the general purpose program ABAQUS (ABAQUS 2000).  
Two different FE models, the model with distortion (MWD) and the model without 
distortion (MWOD) described in Section 4.2.3, were analyzed.  Nonlinear load-
displacement analyses of these FE models, including both material and geometric 
nonlinearity, were conducted.   
 
5.2.1 PARAMETERS 
The base case geometry for the US-CFTFG section (designated as the BASE case) 
was selected first.  As described in Chapter 4, this section, called the prototype section, is 
based on the results of the initial design study presented in Chapter 3.  The geometry of 
the BASE case was designed to satisfy the compact-section web slenderness requirement 
given by Equation (4.2) and the stocky web requirement given by Equation (4.3) of the 
1998 AASHTO LRFD Bridge Design Specifications (AASHTO 1998).  Satisfaction of 
the requirements given by Equations (4.2) and (4.3) suggests that local buckling of the 
web is not expected until the ultimate strength, as controlled by the cross-section flexural 
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capacity or by LTB, is reached.  The shear strength limit state governed the thickness of 
the web for the BASE case. 
Other sections used in the parametric study were selected, based on the BASE case 
by changing the diameter-to-thickness ratio of the tube, depth-to-thickness ratio of the 
web, width-to-thickness ratio of the bottom flange, and material strengths (i.e., the steel 
and concrete strength).   
Table 5.1 summarizes the cross-section dimensions and material strengths of the US-
CFTFGs used in the parametric study.  In Table 5.1, Dtube, Ttube, Dweb, Tweb, Bbf, Tbf, Fy, 
and fc' are the outside tube diameter, the tube thickness, the web depth, the web thickness, 
the width of the bottom flange, the thickness of the bottom flange, the yield stress of the 
steel, and the compressive strength of the concrete, respectively.   
The designations of all sections except for the BASE case consist of three sets of 
letters.  Each set of letters is separated by a hyphen.  The first set of letters (D or I) refers 
to whether the dimension (or material strength) is decreased or increased.  The second set 
of letters (T, W, D, or ST) refers to the thickness, width, depth (or diameter), or material 
strength, respectively.  The third set of letters (BF, W, TF, S, C, or SC) refers to the 
bottom flange, web, the top flange (tube), the steel, the concrete, or the steel and concrete, 
respectively.  As an example, the D-T-BF case has a decreased bottom flange thickness 
compared to the BASE case, while the other dimensions, the yield stress of the steel, and 
the compressive strength of the concrete are same as those of the BASE case.   
Before conducting the parametric study, all the sections used for the parametric study 
were checked against the compact-section web slenderness requirement given by 
Equation (4.2) and stocky web requirement given by Equation (4.3) of the 1998 
AASHTO LRFD specifications (AASHTO 1998) to investigate the web slenderness 
status.  In addition, the shear strength limit state specified in the 1998 AASHTO LRFD 
specifications (AASHTO 1998) was considered.  As shown in Table 5.2, all the sections 
satisfy the compact-section web slenderness requirements and stocky web requirements 
of the 1998 AASHTO LRFD specifications (AASHTO 1998), except for the I-T-BF, D-
T-TF, and D-D-TF cases, which do not satisfy the compact-section web slenderness 
requirements.  In addition, all the sections satisfy the shear strength limit state specified 
in the 1998 AASHTO LRFD specifications (AASHTO 1998), except for the D-T-W and 
I-D-W.   The proposed web slenderness requirement is also shown in Table 5.2.  The 
details of this requirement are discussed later. 
The parametric study also involved changing the unbraced length.  For the BASE 
case, eight different unbraced lengths ranging from 5.18 m (204 in) to 175 m (6882 in) 
were analyzed.  These selected unbraced lengths include all ranges of unbraced length, 
namely, the plastic, inelastic, and elastic ranges.  For the other cases, only three different 
unbraced lengths were analyzed: 80% of Lp, (Lp + Lr)/2, and 120% of Lr, where Lp and Lr 
are the lateral bracing limits for flexural strength governed by the cross-section flexural 
capacity and the inelastic LTB strength, respectively.  These three unbraced lengths 
represent typical unbraced lengths in the plastic, inelastic, and the elastic ranges, 
respectively.  The value of Lp was calculated from the equation (Equation (2.17)) given 
by the 1998 AASHTO LRFD specifications (AASHTO 1998) and the value of Lr was 
calculated from the proposed equation (Equation (2.48)) that was presented in Section 
2.3.4.  
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5.2.2 MODEL DESCRIPTION 
The US-CFTFG FE models described in Section 4.3.2 were used without any 
modification for the parametric study.   
 
5.2.3 PARAMETRIC STUDY RESULTS 
The effect of cross-section distortion on the flexural strength considering LTB was 
briefly examined in Section 4.3.3 by comparing flexural strength results (MOI and MLI) 
from the MWD and MWOD.  Note that MOI refers to the moment at onset of instability 
(OI) and MLI refers to the moment at limit of instability (LI), as explained in Section 
4.2.3.  The effect of section distortion observed by comparing the MWD and MWOD 
results was similar for MOI and MLI.  Therefore, only the MLI of the MWD and MWOD 
are compared to each other here.  Only a few cases, the BASE, I-T-BF, D-T-W, and I-T-
W cases, were selected for these analyses. 
Figure 5.1 shows the results of BASE case.  When the unbraced length is equal to 
5.18 m, that is 80% of Lp (in the plastic range), the LIM  of the MWD is about 98% of 
that of the MWOD, which is slightly larger than the plastic moment (Mp) obtained from 
cross-section analysis.  This indicates that for the plastic range, section distortion is 
minimal and the girder strength is controlled by yielding of the section rather than lateral 
torsional instability, regardless of the model (MWD or MWOD).  When the unbraced 
length is between Lp and Lr (in the inelastic range), the effect of section distortion is 
substantial and causes significant strength reduction.  When the unbraced length is equal 
to 43.1 m, the LIM  of the MWD is only 47% of that of the MWOD.  When the unbraced 
length is in the elastic range, the difference in the LIM  between the MWD and MWOD is 
reduced, indicating that cross-section distortion has an effect on the strength in the elastic 
range, but not as much as in the inelastic range.   
Figure 5.2 shows the results of the I-T-BF case.  This section does not satisfy the 
compact-section web slenderness requirement and significant distortion is expected 
before the Mp is reached when the unbraced length is in the plastic range.  As expected, 
when the unbraced length is equal to 5.17 m (80% of Lp) the LIM  of the MWD is only 
91% of that of the MWOD, which is slightly larger than the Mp.  This indicates that the 
LIM  of the MWD does not approach Mp due to the web distortion.  The differences in 
LIM  between the MWD and MWOD in the elastic and inelastic ranges are not much 
different from those of the BASE case.   
The results of the D-T-W and I-T-W cases are shown in Figure 5.3 and Figure 5.4 
respectively.  When the unbraced length is equal to 80% of Lp, the LIM  of the MWD are 
99% and 97% of those of the MWOD for the D-T-W and I-T-W cases, respectively.  For 
both cases, which have compact cross-sections, the cross-section distortion has only a 
small effect on the strength in the plastic range.  However, the effects of cross-section 
distortion are different in the elastic and the inelastic ranges for the two cases.  For the D-
T-W case, the LIM  of the MWD are 27% and 38% of those of the MWOD for the 
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unbraced lengths of (Lp + Lr)/2 and 120% of Lr, respectively.  For the I-T-W case, 
however, the LIM  of the MWD are 85% and 87% of those of the MWOD for the 
unbraced lengths of (Lp + Lr)/2 and 120% of Lr, respectively.   
Similar results were obtained for other cases.  The maximum difference in the LIM  
between the MWD and the MWOD for unbraced lengths in the plastic range was less 
than 3% for all other cases, except for the D-T-TF and D-D-TF cases that do not satisfy 
the compact-section web slenderness requirement.  In the elastic and inelastic ranges, the 
differences in the LIM  between the MWD and the MWOD for the other cases are similar 
to those presented above. 
The parametric study of the US-CFTFGs produced observations similar to those 
explained in Section 4.3.3.  The significant torsional rigidity of the tubular flange leads to 
cross-section distortion by out-of plane bending of the web, which reduces the LTB 
strength.  This distortion is most critical in the intermediate unbraced lengths in the 
inelastic range of LTB.  Therefore, methods to reduce cross-section distortion were 
considered, so that the LTB strength can be increased. 
It is known that the web transverse stiffeners increase the torsional and lateral 
bending stiffness and will increase the LTB strength of members.  Several researchers 
have studied the effect of web stiffeners on the buckling strength.  Studies by Avery and 
Mahendran (1997) indicate that the use of transverse web plate stiffeners improve the 
LTB strength of beams.  Akay et al. (1977) found that stiffeners act to prevent cross-
section distortion by coupling the rotational degrees of freedom of the top and bottom 
flanges and improve the buckling strength of members subject to distortional buckling.  
Studies by Szewczak et al. (1983) and Takabatake (1988) also indicate that the use of 
stiffeners increase the torsional stiffness of members and that stiffened beams have a 
higher LTB load compared to unstiffened beams. 
Based on these results, CFTFGs with transverse stiffeners (S-CFTFGs) were 
expected to have increased LTB strength, compared to US-CFTFGs.  Stiffener 
arrangements were studied and are discussed in the following section. 
 
5.3 SELECTION OF STIFFENER ARRANGEMENT 
To investigate the effects of stiffeners on the LTB strength of CFTFGs and to select a 
suitable stiffener arrangement, a number of FE analyses were conducted.  A suitable 
stiffener arrangement was defined as the arrangement that minimized the effect of section 
distortion on the LTB strength without requiring too many stiffeners.  Stiffeners in pairs 
on each side of web were used as shown in Figure 5.5.  Several assumptions were made.  
The bearing and intermediate transverse stiffeners were assumed to be identical to 
simplify fabrication.  The total width of each pair of stiffeners, including the web 
thickness, was assumed to be 95% of the smaller of the tube outside diameter and the 
bottom flange width.  Intermediate stiffeners were assumed to be equally spaced between 
the bearing stiffeners which were located at each end section.  The material properties of 
the stiffeners were also assumed to be equal to those of the girder cross-section.  The 
number of intermediate stiffener pairs along the span, and the stiffener plate thickness 
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(Tst) were chosen as variables for the investigation of the effects of the stiffeners.  Four 
different numbers of intermediate stiffener pairs (1, 3, 5, and 7) and three different 
stiffener plate thicknesses (12.7 mm, 25.4 mm, or 50.8 mm), which are approximately 
25%, 50%, and 100% of the bottom flange thickness ( bfT ) of the BASE case, 
respectively, were investigated. 
Stiffeners were modeled with four node S4R three-dimensional shell elements, which 
were described in Section 4.2.2, and three node S3R three-dimensional shell elements 
that are general-purpose, finite-membrane-strain, and reduced integrated shell elements.  
S3R shell elements were mainly used to model the region of the stiffeners that is adjacent 
to the top flange (tube).  The FE models of the stiffeners were connected to the US-
CFTFG MWD using a linear constraint equation (MPC) to construct the S-CFTFG FE 
model.  Note that S-CFTFG model is a model with cross-section distortion (MWD).  
Nonlinear load-displacement analyses of the FE models, including both material and 
geometric nonlinearity, were conducted to obtain the flexural strength considering LTB.  
The geometric initial imperfections used in these analyses were obtained from elastic 
buckling analyses as described in Section 4.2.2.   
Analyses of FE models for the different cases described in Table 5.1 were conducted.  
Only the unbraced length of (Lp + Lr)/2, which is in the inelastic range of LTB, was 
investigated because the strength reduction caused by cross-section distortion is the 
largest in this unbraced length range.  The results obtained from the S-CFTFG model 
were compared with results from the US-CFTFG MWOD and MWD.  Typical results, 
obtained for the BASE case, are shown in Figure 5.6.  In Figure 5.6, RM is the ratio of 
the LIM  for the S-CFTFG model to the LIM  for the US-CFTFG MWOD (i.e., the ratio of 
the strength of the stiffened girder to the strength of the girder model without cross-
section distortion).  Three different curves represent results for different stiffener plate 
thickness (12.7 mm, 25.4 mm, and 50.8 mm).  It is observed from this figure that as the 
number of the intermediate stiffeners increases, the LIM  for the S-CFTFG model 
approaches the LIM  for the US-CFTFG MWOD.  A significant strength increase is 
obtained from using three intermediate stiffeners regardless of the stiffener thickness.  
Beyond three stiffeners, the rate of strength increase is reduced.  The effect of stiffener 
thickness was found to be relatively insignificant compared to the effect of the number of 
stiffeners.  As the stiffener thickness is increased from 12.7 mm to 25.4 mm, the strength 
is increased about 2%, and an additional strength increase of 2% is obtained when a 
stiffener thickness of 50.8 mm is used.   
Based on these results, it was concluded that three intermediate stiffeners and two 
bearing stiffeners are the minimum number of stiffeners that provide a practical level of 
strength, which is 88% of the LIM  for the US-CFTFG MWOD.  This stiffener 
arrangement was selected for further study.  The 50.8 mm stiffener thickness was 
selected. 
Further study showed that for the unbraced length of 120% of Lr, which is in the 
elastic range of LTB, the selected stiffener arrangement (three intermediate stiffeners 
with 50.8 mm stiffener thickness) provides a greater strength, reaching 96% of the LIM  
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for the US-CFTFG MWOD.  These results are shown in Figure 5.7. 
 
5.4 PARAMETRIC STUDY OF STIFFENED CONCRETE FILLED TUBULAR 
FLANGE GIRDERS (S-CFTFGs) 
The selected stiffener arrangement presented in the previous section was used in a 
parametric study of S-CFTFGs.  FE analyses of S-CFTFGs were conducted to understand 
their behavior and to investigate their LTB strength compared to the strength of the US-
CFTFG MWD and MWOD.  Nonlinear load-displacement analyses of the FE models, 
including both material and geometric nonlinearity, were conducted. 
 
5.4.1 PARAMETERS 
All the cases described in Table 5.1 were investigated.  For each case, seven 
different unbraced lengths, ranging from 80% of Lp to 120% of Lr, as shown in Table 5.3, 
were investigated.   
 
5.4.2 MODEL DESCRIPTION 
The FE models of the S-CFTFGs described in Section 5.3 were used.  The selected 
stiffener arrangement of three intermediate stiffeners and two bearing stiffeners, with a 
stiffener thickness of 50.8 mm, was used in the FE models. 
 
5.4.3 PARAMETRIC STUDY RESULTS 
Figure 5.8 through Figure 5.11 compare LIM  for the US-CFTFG and S-CFTFG for 
several cases, namely, the BASE, I-T-BF, D-T-W, and I-T-W cases.  For the BASE case 
(Figure 5.8), when the unbraced length is equal to 5.18 m (80% of Lp), the LIM  for the 
S-CFTFGs is not much different than LIM  for the US-CFTFG MWOD and MWD.  
There is little effect of cross-section distortion on the LTB strength in this range of the 
unbraced length.  A large increase in strength from the use of stiffeners occurs for 
intermediate unbraced lengths (between 19.4 m and 76.1 m).  When the unbraced length 
is equal to 41.3 m, the LIM  for the S-CFTFG is 108% larger than the LIM  for the US-
CFTFG MWD and 97% of the LIM  for the US-CFTFG MWOD.  In the elastic range, the 
strength increase from the use of stiffeners is reduced.  At the unbraced lengths of 76.1 m 
and 111 m, the LIM  for the S-CFTFG is 88% of the LIM  for the US-CFTFG MWOD. 
Figure 5.9 shows the results for the I-T-BF case.  When the unbraced length is equal 
to 80% of Lp, the LIM  for the S-CFTFG is close to that for the US-CFTFG MWOD.  For 
the elastic and inelastic ranges, the results for the S-CFTFGs compared to those for the 
US-CFTFG MWD and MWOD are similar to those of the BASE case.   
Figure 5.10 shows the results for the D-T-W case.  When the unbraced length is 
equal to 80% of Lp, the LIM  for the S-CFTFG is almost equal to that for the US-CFTFG 
MWOD.  For the elastic and inelastic ranges, however, even though the stiffeners have a 
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remarkable effect on the strength, the strength increase from the stiffeners is not enough.  
When the unbraced lengths are equal to (Lp + Lr)/2 and 120% of Lr, the MLI for the S-
CFTFG are 214% and 84% larger than those for the US-CFTFG MWD, but only 84% 
and 70% of those for the US-CFTFG MWOD, respectively.  The web thickness of this 
particular case is too small for the strength to reach 88% or more of the strength for the 
US-CFTFG MWOD, which was observed for the BASE case.  This suggests that a web 
slenderness requirement is needed for the selected stiffener arrangement to produce 
sufficient LTB strength.  The details of the web slenderness requirement are presented in 
the following section.   
Figure 5.11 shows the results for the I-T-W case.  The MLI for the S-CFTFG are 
99%, 95%, and 100% of LIM  for the US-CFTFG MWOD for the unbraced lengths of the 
80% of Lp, (Lp + Lr)/2, and 120% of Lr, respectively.  As explained before the web of 
this case is thick enough so that the US-CFTFG MWD has strength close to that of the 
MWOD.  As a result, the effect of stiffeners for this case is small. 
 
5.5 DESIGN RECOMMENDATIONS FOR S-CFTFGs 
When a S-CFTFG bridge is designed, the flexural strength of the S-CFTFGs should 
be checked for both construction conditions and service conditions.  The flexural strength 
under construction conditions is checked to ensure that the girder can safely carry the 
dead load of the girder, bracing, and deck, and the transient loads produced by 
construction workers and equipment during erection of the bridge and placement of the 
deck.  The flexural strength under service conditions is checked to ensure that the bridge 
can safely resist the maximum loads that occur when the bridge is in service.   
For construction conditions, the flexural strength of a composite or non-composite 
bridge girder is determined by either the cross-section flexural yield capacity, or the 
member LTB strength, depending on the unbraced length.  For service conditions, the 
flexural strength of a composite bridge girder (under positive bending) is determined by 
the ultimate flexural capacity of a cross-section consisting of the girder composite with 
the deck, because the girder is continuously braced by the deck.  The flexural strength of 
a non-composite bridge girder is determined by either the ultimate flexural capacity of 
the cross-section or the member LTB strength depending on the unbraced length. 
Based on the parametric study results described in Section 5.4, design flexural 
strength formulas for S-CFTFGs, considering LTB and/or yielding, are proposed in this 
section. The flexural strength obtained from the FE models was used to develop the 
design flexural strength formulas. Separate formulas are proposed for construction and 
service conditions. For construction conditions, the smaller of the bending moment at the 
onset of instability (i.e., at OI, OIM ), and at the first yield (i.e., at FY, FYM ) were taken 
as the analytical flexural strength from the FE models.  These formulas are intended to 
avoid permanent deformation or excessive lateral displacement under construction 
conditions. For service conditions, the bending moment at the limit of instability (i.e., at 
LI, LIM ) was taken as the analytical flexural strength from the FE models.  
The design flexural strength presented in this section is referred to as an ideal design 
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flexural strength because it is based on the assumption that the girders are perfectly 
braced laterally and torsionally at the girder brace points.  Therefore, the unbraced length 
is defined as the distance between two brace points.  When the girders are braced 
torsionally (by diaphragms) without lateral bracing, however, the LTB strength of 
CFTFGs should be estimated based on the total girder length, including the effects of the 
torsional bracing, rather than assuming each torsional brace produces perfect lateral and 
torsional bracing.  Further details on these issues are discussed in Chapter 6. 
 
5.5.1 COMPARISONS WITH CURRENT DESIGN SPECIFICATIONS 
The analytical flexural strength obtained from the FE models was compared to the 
design flexural strengths obtained from several recent design specifications in order to 
investigate their suitability for S-CFTFGs.  The 1998 AASHTO LRFD specifications 
(AASHTO 1998) with the added straight line transition (SLT) (Equation (2.49)) 
discussed in Chapter 2, the 2004 AASHTO LRFD specifications (AASHTO 2004), the 
1998 AISC LRFD Manual of Steel Construction (AISC 1998), and the 1990 Australian 
Steel Structures Standard AS4100 (SA 1990) were all studied.  Note that the SLT was 
developed to estimate the inelastic LTB strength for girders with stocky webs and is used 
in combination with the elastic LTB formula given by the 1998 AASHTO LRFD 
specifications (AASHTO 1998).   
All the cases described in Table 5.1 were investigated and were found to provide 
similar results.  Figure 5.12 shows a typical comparison.  A detailed comparison of each 
design specification with the analytical flexural strength obtained from the FE models is 
presented below. 
 
1998 AASHTO LRFD Bridge Design Specifications with Straight Line Transition 
(SLT) 
For construction conditions, the cross-section flexural yield capacity is reasonably 
predicted by the 1998 AASHTO formula with the SLT given by Equations (2.11) and 
(2.49) when yielding initiates at the top (compression) flange.  When yielding initiates at 
the bottom (tension) flange, the 1998 AASHTO formula with the SLT overestimates the 
cross-section flexural yield capacity.  The 1998 AASHTO formula with the SLT mostly 
overestimates the LTB strength except for S-CFTFGs with short unbraced lengths in the 
inelastic range of LTB, for which yielding initiates at the compression flange. 
For service conditions, the 1998 AASHTO formula with the SLT given by Equations 
(2.11) and (2.49) underestimates the cross-section ultimate flexural capacity.  A 
significant underestimate of the LTB strength is observed for S-CFTFGs for which 
yielding initiates at the compression flange.  The 1998 AASHTO formula with the SLT 
underestimates the LTB strength for S-CFTFGs with short unbraced lengths in the 
inelastic range of LTB.  Beyond this range of unbraced length, however, the 1998 
AASHTO formula with the SLT overestimates the LTB strength. 
As a result, the 1998 AASHTO formula with the SLT is not considered appropriate 
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for predicting the flexural strength of S-CFTFGs under the construction and service 
conditions. 
 
2004 AASHTO LRFD Bridge Design Specifications 
For construction conditions, the 2004 AASHTO Article 6.10.8 formula given by 
Equations (2.52), (2.53), and (2.54) reasonably predicts the cross-section flexural yield 
capacity.  The 2004 AASHTO Article 6.10.8 formula, however, excessively 
underestimates the LTB strength because it neglects the St. Venant torsional stiffness in 
calculating the LTB strength. 
For service conditions, it was observed that on average, the 2004 AASHTO 
Appendix A formula given by Equations (2.68), (2.69), and (2.70) reasonably predicts the 
cross-section ultimate flexural capacity and the LTB strength. 
As a result, the 2004 AASHTO Appendix A formula is appropriate to predict the 
flexural strength of S-CFTFGs under service conditions but is not appropriate to predict 
the flexural strength of S-CFTFGs under construction conditions.  
 
1998 AISC LRFD Manual of Steel Construction 
For construction conditions, the 1998 AISC formula given by Equations (2.25) and 
(2.26) generally overestimates both the cross-section flexural yield capacity and the LTB 
strength of S-CFTFGs. 
For service conditions, the cross-section ultimate flexural capacity of S-CFTFGs is 
reasonably predicted by the 1998 AISC formula given by Equations (2.25) and (2.26).  
However, the LTB strength of S-CFTFGs is somewhat overestimated. 
As a result, the 1998 AISC formula does not provide reasonable predictions of the 
flexural strength of S-CFTFGs for both construction and service conditions. 
 
1990 Australian Steel Structures Standard AS4100 
For construction conditions, the AS4100 formula given by Equation (2.29) mostly 
overestimates the cross section flexural yield capacity of S-CFTFGs.  The AS4100 
formula, on average, provides a reasonable estimation for the LTB strength of S-CFTFGs.   
For service conditions, the cross section ultimate flexural capacity of S-CFTFGs is 
reasonably predicted by the AS4100 formula given by Equation (2.29).  However, the 
LTB strength of S-CFTFGs is somewhat underestimated especially for short unbraced 
lengths in the inelastic range of LTB. 
As a result, the AS4100 formula is not appropriate to predict the flexural strength of 
S-CFTFGs for both construction and service conditions. 
 
Based on the comparisons between the analytical flexural strengths obtained from the 
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FE models and the design flexural strengths predicted by the above design specifications, 
it was concluded that new formulas for the design flexural strength of S-CFTFGs under 
both construction and service conditions are needed. 
 
5.5.2 PROPOSED IDEAL DESIGN FLEXURAL STRENGTH FORMULAS 
New formulas for predicting the ideal design flexural strength of S-CFTFGs for both 
construction and service conditions are proposed and presented in this section.  The ideal 
design flexural strength formulas are based on the form of the AS4100 formula.  
However, in order to predict the flexural strength for S-CFTFGs more accurately, small 
modifications were made. 
Similar to the AS4100 formula given by Equation (2.29), the ideal design flexural 
strength for S-CFTFGs (assuming perfect lateral and torsional bracing at each brace 
point) dM , is given by 
sssbd MMCM ≤α=                                                                                          (5.1) 
where, bC  is the moment gradient correction factor, sα  is the strength reduction factor, 
and sM  is the cross-section flexural capacity (defined differently for construction and 
service conditions as shown later).  The moment gradient correction factor is given by 
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where, maxM  is the absolute value of the maximum moment in the unbraced segment and 
AM , BM , and CM  are the absolute values of the moment at the quarter, center, and 
three-quarter points in the unbraced segment, respectively.  The strength reduction factor, 
which was modified from the AS4100 formula given by Equation (2.30), is given by 
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where, crM  is the elastic LTB moment.  The elastic LTB moment is given by 
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where, E is the elastic modulus of steel, bL  is the unbraced length, yr  is the radius of 
gyration, TK  is the St. Venant torsional inertia, trA  is the transformed section area, and 
d  is the section depth.  The radius of gyration is given by 
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where, tfI  and bfI  are the moment of inertias of top and bottom flanges about the vertical 
axis, respectively.  The elastic LTB moment shown in Equation (5.4) is derived from 
Equation (2.9) with following approximations: 
bftfy III +=                                                                                                           (5.6a) 
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The lateral bracing limit for flexural capacity governed by sM , is defined as pL , is 
derived as follows: 
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Substituting Equation (5.4) into Equation (5.7), solving for bL , equal to pL  yields 
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Construction Conditions 
For construction conditions, sM  is scM , which is the smaller of the yield moment 
calculated from the transformed section or from strain compatibility, yM , and the non-
composite compact-section positive flexural strength calculated based on strain 
compatibility scnccM .  The details of yM  and 
sc
nccM  are presented in Chapter 3.   
 
Service Conditions 
For composite S-CFTFGs under service conditions, the positive flexural strength is 
sc
ccM , which is the composite compact-section positive flexural strength calculated based 
on strain compatibility (see Chapter 3), and dM  equals 
sc
ccM . 
For non-composite S-CFTFGs under service conditions, sM  is ssM , which is taken 
as either the plastic moment, pM , or the moment reduced from the plastic moment to 
account for the effects of web slenderness as follows: 
ycpcss MRM =                                                                                                          (5.9) 
where, pcR  is the web plastification factor for the compression flange specified in the 
2004 AASHTO LRFD specifications (AASHTO 2004) and ycM  is the yield moment 
with respect to the compression flange.   
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For a compact web section that satisfies the following web slenderness limit: 
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pcR  is taken as 
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where, cpD  is the depth of the web in compression at the plastic moment, )D(pw cpλ  is the 
limiting slenderness ratio for a compact web (corresponding to webcp TD2 ), and hR  is 
the hybrid factor that accounts for the nonlinear variation of stresses caused by yielding 
of the lower strength steel in the web of a hybrid beam (a coefficient ≤  1.0 (AASHTO 
2004)). 
For a noncompact web section that satisfy following web slenderness ratio: 
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where, )D(pw cλ  is the limiting slenderness ratio for a compact web (corresponding to 
webc TD2 ) given by 
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wλ  is the slenderness ratio for the web based on the elastic moment given by 
web
c
w T
D2=λ                                                                                                              (5.15) 
rwλ  is the limiting slenderness ratio for a noncompact web given by 
yc
rw F
E7.5=λ                                                                                                       (5.16) 
In Equations (5.14) to (5.16), cD  is the depth of the web in compression in the elastic 
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range and ycF  is the yield stress of a compression flange. 
 
Comparison with FE Analysis Results 
Table 5.4 and Table 5.5 show the ratio of the analytical flexural strength obtained 
from the FE models to the strength obtained from the proposed ideal design flexural 
strength formulas for all the cases in the parametric study under the construction and 
service conditions, respectively.  Typical comparisons between analytical flexural 
strength obtained from the FE models and the ideal design flexural strength formulas for 
the construction and service conditions are shown in Figure 5.13 through Figure 5.16. 
 
Construction Conditions 
For the BASE and I-T-BF cases (see Figure 5.13 and Figure 5.14), the ideal design 
flexural strength formula (Equation 5.1) provides a very accurate strength prediction over 
the entire range of unbraced lengths except when the unbraced length is between 20 and 
75 m, where the formula is conservative.  This result is intentional, to reflect the effect of 
residual stresses that is not considered in the FE models.  Residual stresses will reduce 
the LTB strength especially in the inelastic range.  In the plastic and elastic ranges, the 
effect of residual stresses will be smaller.  The actual LTB strength of a S-CFTFG in the 
inelastic range, therefore, will be smaller than the flexural strength of the FE models, and 
therefore, this actual LTB strength should be reasonably predicted by the ideal design 
flexural strength formula.  For the BASE case (see Figure 5.13), the ideal design flexural 
strength formula is also compared with the 1998 AASHTO formula with the SLT given 
by Equations (2.11) and (2.49).  As shown in this figure, the 1998 AASHTO formula 
with the SLT mostly overestimates the LTB strength compared to the ideal design 
flexural strength formula. 
For the D-T-W case (see Figure 5.15), the ideal design flexural strength formula 
provides a very accurate strength predictions when the unbraced length is less than pL .  
When the unbraced length is between 20 and 75 m, the ideal design flexural strength 
formula is conservative.  The reason for the difference between the ideal design flexural 
strength formula and the strength of the FE models is same as that for the BASE and I-T-
BF cases.  When the unbraced length is larger than 75 m, however, the ideal design 
flexural strength formula provides unconservative predictions of LTB strength.  The 
reason for this result is that the web slenderness of this section is too large for the 
selected stiffener arrangement, and cross-section distortion reduces the LTB strength as 
explained before.   
For the I-T-W case (see Figure 5.16), the ideal design flexural strength formula 
provides slightly conservative predictions over the entire range of unbraced length.   
In addition, from the results of I-ST-S case, which has the same cross-section 
dimensions as the BASE case, but a greater steel yield stress (Fy of the BASE case is 485 
MPa and Fy of the I-ST-S case is 690 MPa), it was observed that, unlike the BASE case, 
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when the unbraced length is larger than 75 m, the ideal design flexural strength formula 
provides slightly unconservative predictions of the LTB strength.  To explain this result, 
the bending moments at the onset of instability (i.e., at OI, OIM ), and at the first yield 
(i.e., at FY, FYM ) obtained from the FE models of each case (BASE case or I-ST-S case) 
are compared with the ideal design flexural strength formula for both the BASE and I-
ST-S cases, in Figure 5.17 and Figure 5.18.  Note that for construction conditions, the 
smaller of the bending moment at the onset of instability (i.e., at OI, OIM ), and at the first 
yield (i.e., at FY, FYM ) are taken as the analytical flexural strength from the FE models.  
When the unbraced length is smaller than 22 m, FYM  is smaller than OIM  for both the 
BASE case and the I-ST-S case, so the analytical flexural strength for both cases is FYM .  
For this range of unbraced length, the analytical flexural strength of the I-ST-S case is 
obviously larger than that of the BASE case.  When the unbraced length is between 22 m 
and 75 m, FYM  is smaller than OIM  for the BASE case and OIM  is smaller than FYM  for 
the I-ST-S case, so the analytical flexural strengths for the BASE case and I-ST-S case 
are FYM  and OIM , respectively.  For this range of unbraced length, the analytical 
flexural strength of the I-ST-S case is obviously larger than that of the BASE case.  When 
the unbraced length is larger than 75 m, OIM  is smaller than FYM  for both cases, so the 
analytical flexural strength for both cases is OIM .  For this range of unbraced length, the 
analytical flexural strength of the I-ST-S case is essentially the same as that of the BASE 
case.  The reason for this result is that OIM  is not affected by yielding on the cross-
section.  The ideal design flexural strength, however, increases as the yield stress of the 
steel increases over the entire range of unbraced length.  Note when the unbraced length 
is larger than 75 m, even though OIM  is essentially the same for the two cases, FYM  for 
the I-ST-S case is larger than that for the BASE case.  Therefore, after reaching OIM , the 
I-ST-S case can carry more load than the BASE case before reaching FYM .   
 
Service Conditions 
For the BASE case (see Figure 5.13), the ideal design flexural strength formula 
provides a slightly conservative prediction over the entire range of unbraced lengths 
except when the unbraced length is less than pL , where the ideal design flexural strength 
formula provides very accurate strength prediction.  The effects of strain hardening that 
are not considered in the FE models may slightly increase the actual flexural strength 
when the unbraced length is less than pL , and therefore the ideal design flexural strength 
formula may provide a slightly conservative prediction.   
For the I-T-BF case (see Figure 5.14), the results are very similar to those for the 
BASE case except when the unbraced length is less than pL , where the ideal design 
flexural strength formula for this case provides a conservative prediction.  This result 
occurs because the design flexural strength is reduced by the pcR  coefficient for this non-
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compact web section, even though the flexural strength of the FE model in the plastic 
range reaches the plastic moment.   
For the D-T-W case (see Figure 5.15), the results are very similar to those for the 
BASE case except when the unbraced length is larger than 75 m, where the ideal design 
flexural strength formula provides a slightly unconservative prediction.  This is due to 
cross-section distortion, as explained in the comparison under construction conditions. 
For the I-T-W case (see Figure 5.16), the results are very similar to those for the 
BASE case.  The results from the ideal design flexural strength formula in this case, 
however, are slightly more conservative. 
 
5.5.3 PROPOSED WEB SLENDERNESS REQUIREMENT 
From the comparison between the ideal design flexural strength from Equation (5.1) 
and the analytical flexural strength from the FE models for both construction and service 
conditions, it was observed that a web slenderness requirement is needed in order for the 
ideal design flexural strength formula to be conservative for S-CFTFGs with the selected 
stiffener arrangement of only three intermediate stiffeners.  Even with three intermediate 
stiffeners, cross-section distortion in some cases significantly reduces the strength.   
The 1998 AASHTO LRFD specifications (AASHTO 1998) use the web bend 
buckling concept to classify girders with slender webs differently than girders with 
stocky webs based on cross-section distortion.  However, for S-CFTFGs, bending of the 
web plate and the significant torsional rigidity of the tubular flange cause the observed 
cross-section distortion.  From a detailed investigation of the parametric study results, it 
was observed that web plate bending is the primary reason for the cross-section distortion.   
To develop the new web slenderness requirement, a web plate bending stiffness 
parameter was derived for a unit length of the web plate, and an assumption of the 
support provided by the flanges.  Because the torsional rigidity of the top flange (tube) is 
significantly larger than that of the bottom flange, it was assumed that the tubular flange 
provides a fixed boundary condition and the bottom flange provides a free boundary 
condition.  Based on these assumptions, the web plate bending stiffness parameter, webK , 
is expressed as follows: 
)1(D4
TE
K
33
web
3
web
web ν−=                                                                                         (5.17) 
where, E  is the elastic modulus of steel, webT  is the web thickness, webD  is the web depth, 
and ν  is Poisson’s ratio. 
In addition, based on the observations regarding the effect of the yield stress of the 
steel on the ideal design flexural strength under construction conditions discussed above, 
a web plate bending parameter, webKF  that includes the yield stress of steel, was 
developed from the web plate bending stiffness parameter (Equation (5.17)) and is 
expressed as follows: 
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yct
33
web
3
web
web F)1(D4
TE
KF ν−=                                                                                  (5.18) 
where, yctF  is the smaller of the yield stress for the compression flange and for the tension 
flange.   
webKF  for all the cases in the parametric study is summarized in Table 5.1.  In order 
to investigate the relationship of webKF  with the analytical and ideal design flexural 
strength, the smallest ratio of the analytical flexural strength to the ideal design flexural 
strength under construction conditions was selected for each case from Table 5.4.  The 
reason for focusing on construction condition results is that the construction condition 
results are more critical than the service condition results.  The ratio of the analytical 
flexural strength to the ideal design flexural strength is plotted versus webKF  in Figure 
5.19.  Note that E = 200000 MPa and ν  = 0.3 were used to calculate webKF , and the 
result for the I-T-W case was not included in this figure because webKF  for this case is 
very large. 
From the results shown in Figure 5.19, a new web slenderness requirement was 
developed.  0.96 was selected as the minimum ratio of the analytical flexural strength 
from the FE model to the ideal design flexural strength.  Based on this decision, it was 
observed that when webKF  is equal to or greater than 2.00E-04, the strength ratio is 0.96 
or more.  Substituting 2.00E-04 for webKF  in Equation (5.18) and solving for 
web
web
T
D
 yields 
the following web slenderness requirement. 
3
1
yctweb
web
F
E11
T
D



≤                                                                                                   (5.19) 
Figure 5.19 and Table 5.2 shows that the D-T-W, I-D-W, I-ST-SC, and I-ST-S cases do 
not satisfy the proposed web slenderness requirement, and these cases give the lowest 
values of the ratio of the FE model flexural strength to the ideal design flexural strength.  
On the other hand, the D-D-W case and the I-T-W case (not shown in Figure 5.19) have 
very large web plate bending stiffness and easily satisfy the proposed web slenderness 
requirement.  These cases give the largest values of the ratio of the FE model flexural 
strength to the ideal design flexural strength. 
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Table 5.1  Properties of US-CFTFGs for parametric study 
Dtube Ttube Dweb Tweb Bbf Tbf Fy fc'
(mm) (mm) (mm) (mm) (mm) (mm) (MPa) (MPa)
BASE 610 19.1 1016 12.7 660 54.0 485 27.6 2.22E-04
D-T-BF 610 19.1 1016 12.7 660 27.0 485 27.6 2.22E-04
I-T-BF 610 19.1 1016 12.7 660 108 485 27.6 2.22E-04
D-W-BF 610 19.1 1016 12.7 533 54.0 485 27.6 2.22E-04
I-W-BF 610 19.1 1016 12.7 787 54.0 485 27.6 2.22E-04
D-T-W* 610 19.1 1016 6.35 660 54.0 485 27.6 2.78E-05
I-T-W 610 19.1 1016 25.4 660 54.0 485 27.6 1.78E-03
D-D-W 610 19.1 762 12.7 660 54.0 485 27.6 5.27E-04
I-D-W* 610 19.1 1270 12.7 660 54.0 485 27.6 1.14E-04
D-T-TF 610 9.53 1016 12.7 660 54.0 485 27.6 2.22E-04
I-T-TF 610 38.1 1016 12.7 660 54.0 485 27.6 2.22E-04
D-D-TF 483 19.1 1016 12.7 660 54.0 485 27.6 2.22E-04
I-D-TF 737 19.1 1016 12.7 660 54.0 485 27.6 2.22E-04
I-ST-S* 610 19.1 1016 12.7 660 54.0 690 27.6 1.56E-04
I-ST-C 610 19.1 1016 12.7 660 54.0 485 55.2 2.22E-04
I-ST-SC* 610 19.1 1016 12.7 660 54.0 690 55.2 1.56E-04
* These cases do not satisfy the proposed web slenderness requirement. 
Case KFweb
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Table 5.2 Weblenderness of US-CFTFGs for parametric study 
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Table 5.3  Unbraced length of S-CFTFG for parametric study  
Lb1 Lb2 Lb3 Lb4 Lb5 Lb6 Lb7
BASE 5.18 19.4 41.3 76.1 111 146 175
D-T-BF 5.18 42.5 79.9 117 155 192 273
I-T-BF 5.18 26.9 48.6 70.3 91.9 114 161
D-W-BF 5.17 31.2 57.3 83.4 109 135 192
I-W-BF 5.17 28.2 51.3 74.3 97.3 120 171
D-T-W* 5.17 28.8 52.5 76.1 100 123 175
I-T-W 5.17 28.7 52.2 75.7 99.2 123 174
D-D-W 5.17 35.7 66.2 96.7 127 158 224
I-D-W* 5.17 24.3 43.3 62.4 81.5 101 142
D-T-TF 4.95 27.9 50.9 73.8 96.8 120 170
I-T-TF 5.31 37.0 68.6 100 132 164 233
D-D-TF 4.14 18.2 32.2 46.3 60.3 74.4 105
I-D-TF 6.18 45.0 83.7 123 161 200 285
I-ST-S* 4.33 22.4 40.4 58.5 76.5 94.6 134
I-ST-C 5.01 28.9 52.9 76.8 101 125 177
I-ST-SC* 4.20 21.1 38.1 55.0 72.0 88.9 126
* These cases do not satisfy the proposed web slenderness requirement.
Lb1 is 80% of Lp
Lb4 is (Lp+Lr)/2
Lb7 is 120% of Lr
Lb2 and Lb3 are between Lb1 and Lb4
Lb5 and Lb6 are between Lb4 and Lb7
Unbraced length (m)
Case
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Table 5.4  Ratio of analytical flexural strength to ideal design flexural strength for 
construction conditions  
for Lb1 for Lb2 for Lb3 for Lb4 for Lb5 for Lb6 for Lb7
BASE 1.01 1.04 1.23 1.03 0.98 0.98 1.02
D-T-BF 1.01 1.09 1.20 1.09 1.14 1.26 1.50
I-T-BF 1.05 1.14 1.24 1.07 0.98 0.98 1.00
D-W-BF 1.00 1.09 1.18 1.03 0.98 1.00 1.13
I-W-BF 1.04 1.13 1.28 1.06 0.97 0.97 0.99
D-T-W* 1.01 1.09 1.19 0.96 0.85 0.78 0.74
I-T-W 1.04 1.16 1.28 1.12 1.10 1.12 1.19
D-D-W 1.02 1.14 1.29 1.16 1.16 1.23 1.43
I-D-W* 1.01 1.10 1.20 1.01 0.93 0.89 0.85
D-T-TF 1.08 1.15 1.19 1.03 0.99 0.99 1.06
I-T-TF 1.01 1.06 1.20 1.01 0.99 0.99 1.11
D-D-TF 1.04 1.12 1.28 1.07 0.97 0.96 0.96
I-D-TF 1.00 1.12 1.18 1.04 1.04 1.13 1.36
I-ST-S* 1.18 1.29 1.28 1.05 0.97 0.94 0.95
I-ST-C 0.99 1.08 1.22 1.07 1.00 0.99 1.04
I-ST-SC* 1.00 1.10 1.26 1.08 0.99 0.95 0.92
* These cases do not satisfy the proposed web slenderness requirement.
Case
MFE/Md (construction conditions)
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Table 5.5  Ratio of analytical flexural strength to ideal design flexural strength for service 
conditions  
for Lb1 for Lb2 for Lb3 for Lb4 for Lb5 for Lb6 for Lb7
BASE 1.00 1.05 1.21 1.13 1.10 1.17 1.26
D-T-BF 1.00 1.20 1.20 1.20 1.29 1.42 1.71
I-T-BF 1.17 1.24 1.27 1.18 1.13 1.14 1.25
D-W-BF 1.00 1.17 1.22 1.13 1.12 1.17 1.35
I-W-BF 1.00 1.11 1.20 1.14 1.10 1.10 1.22
D-T-W* 1.00 1.14 1.22 1.09 0.99 0.93 0.92
I-T-W 1.00 1.12 1.23 1.21 1.22 1.27 1.43
D-D-W 1.00 1.14 1.25 1.24 1.29 1.38 1.63
I-D-W* 1.00 1.12 1.21 1.13 1.06 1.03 1.08
D-T-TF 1.07 1.18 1.20 1.13 1.10 1.11 1.26
I-T-TF 0.98 1.16 1.18 1.11 1.12 1.17 1.35
D-D-TF 1.07 1.15 1.22 1.17 1.10 1.08 1.11
I-D-TF 1.00 1.17 1.21 1.16 1.19 1.28 1.54
I-ST-S* 1.00 1.14 1.21 1.11 1.06 1.05 1.15
I-ST-C 1.00 1.16 1.24 1.17 1.13 1.15 1.28
I-ST-SC* 1.00 1.14 1.24 1.16 1.10 1.07 1.13
* These cases do not satisfy the proposed web slenderness requirement.
Case
MFE/Md (service conditions)
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Figure 5.1  LIM  for US-CFTFG MWOD and MWD (BASE case) 
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Figure 5.2  LIM  for US-CFTFG MWOD and MWD (I-T-BF case) 
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Figure 5.3  LIM  for US-CFTFG MWOD and MWD (D-T-W case) 
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Figure 5.4  LIM  for US-CFTFG MWOD and MWD (I-T-W case) 
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Figure 5.5  Typical stiffener configuration 
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Figure 5.6  Variation of RM with number of intermediate stiffeners and Tst               
(BASE case, L = (Lp + Lr)/2) 
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Figure 5.7  Variation of RM with number of intermediate stiffeners                                
(BASE case, L = 120% of Lr) 
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Figure 5.8  LIM  for US-CFTFG and S-CFTFG (BASE case) 
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Figure 5.9  LIM  for US-CFTFG and S-CFTFG (I-T-BF case) 
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Figure 5.10  LIM  for US-CFTFG and S-CFTFG (D-T-W case) 
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Figure 5.11  LIM  for US-CFTFG and S-CFTFG (I-T-W case) 
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(a)  Design specifications using yM  for cross-section flexural yield capacity 
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(b)  Design specifications using pM  for cross-section flexural yield capacity 
Figure 5.12  Comparison of FE model flexural strengths and design flexural strengths 
from design specifications (BASE case) 
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Figure 5.13  Comparison of FE model and ideal design flexural strengths (BASE case) 
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Figure 5.14  Comparison of FE model and ideal design flexural strengths (I-T-BF case) 
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Figure 5.15  Comparison of FE model and ideal design flexural strengths (D-T-W case) 
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Figure 5.16  Comparison of FE model and ideal design flexural strengths (I-T-W case) 
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Figure 5.17  Comparison of FE model (BASE) and ideal design flexural strengths (BASE 
and I-ST-S) under construction conditions 
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Figure 5.18  Comparison of FE model (I-ST-S) and ideal design flexural strengths (BASE 
and I-ST-S) under construction conditions 
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Figure 5.19  Comparison of FE model and ideal design flexural strengths according to 
KFweb 
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CHAPTER 6  
LATERAL TORSIONAL BUCKLING (LTB) STRENGTH OF 
TORSIONALLY BRACED GIRDERS SUBJECTED TO UNIFORM 
DISTRIBUTED LOAD 
 
6.1 INTRODUCTION 
As presented in Chapter 5, a finite element (FE) parametric study for stiffened 
concrete filled tubular flange girders (S-CFTFGs) was conducted.  Based on the 
parametric study results, an ideal design flexural strength formulas for S-CFTFGs, 
considering lateral torsional buckling (LTB) and/or yielding was proposed.  The ideal 
design flexural strength presented in Chapter 5 was developed for a single unbraced 
girder length with uniform bending moment over the unbraced length.  Similar to the 
LTB formulas for conventional I-girders in the 2004 AASHTO LRFD Bridge Design 
Specifications (AASHTO 2004), these ideal design flexural strength formulas were also 
recommended for S-CFTFGs with lateral bracing and multiple unbraced segments within 
the girder length and variable bending moment over the unbraced segments.  The variable 
bending moment was considered by introducing a moment gradient correction factor 
( bC ).  For bracing within the girder length (interior braces), it was assumed that the 
girders were perfectly braced laterally and torsionally at the interior brace points.  
Therefore, the unbraced length is defined as the distance between two brace points.  In 
this chapter, the assumption of perfect lateral and torsional bracing at the brace points is 
assessed. 
In this chapter, the results of prior research regarding the bC  factor and bracing at 
the interior brace points are first summarized (Section 6.2).  Analytical studies of 
conventional I-girders were conducted to investigate the effects of initial imperfection 
(shape and magnitude) as well as the effects of brace stiffness on the LTB strength of 
conventional I-girders with and without interior braces (Section 6.3).  From the analysis 
results, the assumptions of the LTB design approach of the current AASHTO LRFD 
specifications (AASHTO 2004) (i.e., at interior brace points, the girders are perfectly 
braced laterally and torsionally) was verified.  Similar analytical studies for S-CFTFGs 
were conducted (Section 6.4).  From the analysis results, the applicability of the ideal 
design flexural strength formulas presented in Chapter 5 to S-CFTFGs with interior 
bracing was assessed (Section 6.5). 
 
6.2 PRIOR RESEARCH 
6.2.1 MOMENT GRADIENT CORRECTION FACTOR (Cb) 
Most design specifications including the 1998 and 2004 AASHTO LRFD 
specifications (AASHTO 1998, 2004) use LTB strength formulas that were derived for 
girders under uniform bending moment.  bC  is applied to these formulas to account for 
the effects of variable bending moment along an unbraced girder length.  The equation 
for bC  is 
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where, LM  and HM  are the lower and higher moments at the ends of the unbraced length, 
respectively.  The ratio of HL MM  is taken as positive when the moment causes single 
curvature within the unbraced length and negative when the moment causes double 
curvature within the unbraced length.  Equation (6.1), however, was developed for 
conditions with no applied loads between brace points.  Due to this limitation, an 
alternative bC , given by the following formula, was developed by Kirby and Nethercot 
(1979), 
CBAmax
max
b M3M4M3M5.2
M5.12
C +++=                                                                  (6.2) 
where, maxM  is the absolute value of the maximum moment in the unbraced length and 
AM , BM , and CM  are the absolute values of the moment at the quarter, middle, and 
three-quarter points in the unbraced length, respectively.  Equation (6.2) gives improved 
results for nonlinear moment gradients and cases of moment reversal.  Equation (6.2), 
however, was developed for doubly symmetric sections with vertical load applied at 
midheight of the cross-section.   
Galambos (1988) recommended modifying the bC  value and introduced a variable B 
to account for load height effects in doubly symmetric sections.  The variable B is 
expressed differently according to the type of loading as follows, 
Concentrated load at mid-span:   W649.0W180.01B 2 +−=                              (6.3) 
Uniform distributed load:            W535.0W154.01B 2 +−=                              (6.4) 
The coefficient W is expressed as follows, 
T
w
b KG
IE
L
W π=                                                                                                      (6.5) 
where, bL  is the unbraced length, E  is the elastic modulus, wI  is the warping constant, 
G  is the shear modulus, and TK  is the St. Venant torsional constant.  The modified bC  
value, denoted *bC , depends on the load height as follows, 
Top flange loading: BCC b
*
b =                                                                      (6.6) 
Shear center loading: b
*
b CC =                                                                           (6.7) 
Bottom flange loading: BCC b
*
b =                                                                       (6.8) 
where, bC  is calculated from Equation (6.2).  When W  is greater than 1.75, the values of 
B  obtained from Equations (6.3) or (6.4) get smaller with increasing W .  Reasonable 
values of B  in these cases are obtained by using W  equal to 1.75. 
Helwig et al. (1997) conducted parametric studies to investigate the effects of load 
height for singly symmetric sections.  Simply supported girders with no interior bracing 
were modeled using the finite element (FE) method and two different load cases of a 
concentrated load at mid-span and a uniformly distributed load were applied at various 
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heights on the cross-section.  The equations for *bC  and W  from Galambos (1988) were 
modified by Helwig et al. (1997) as follows, 
b
hy2*
b CBC =                                                                                                          (6.9) 
T
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b KG4
hIE
L
W π=                                                                                                 (6.10) 
In Equations (6.9) and (6.10), y  is the distance from the midheight to the load point, h  is 
the distance between flange centroids, yI  is the vertical axis moment of inertia of the 
girder, B  is calculated from Equation (6.3) or (6.4) according to the type of loading, and 
bC  is calculated from Equation (6.2).  The distance y  is defined to be negative for 
loading applied above midheight, and positive for loading applied below midheight.  A 
comparison of results between FE analysis and the equations presented above indicated 
that B  in Equation (6.9) can be simplified to 1.4 for loading applied anywhere over the 
height of the cross-section, and resulted in the simplified expression (Helwig et al. 1997), 
b
hy2*
b C4.1C =                                                                                                      (6.11) 
where, bC  is calculated from Equation (6.2).   
 
6.2.2 TORSIONAL BRACING 
Two types of bracing are used in conventional steel I-girder bridges, diaphragms (or 
cross-frames), oriented vertically between girders, and lateral bracing, oriented in a 
horizontal plane near the girder flanges.  Diaphragms provide only torsional bracing to 
the girders and restrain only the twist of the cross-section.  Lateral bracing restrains 
lateral displacement of the flanges, and effectively restrains the lateral displacement of 
the cross-section.  If both flanges are braced, twist of the cross-section is also restrained.  
For the present study, the bracing consists of only diaphragms, which is in accordance 
with current U.S. practice for bridges with short and medium spans.   
When two adjacent girders are braced by a diaphragm at mid-span, this brace point is 
not restrained against lateral displacement so that the effectiveness of this bracing system 
is questionable.  However, as long as the two flanges displace laterally the same amount 
(without twist), the location of the diaphragm can be considered as a brace point when 
evaluating the LTB strength.  This result has been confirmed by tests and theory (Yura et 
al. 1992). 
Previous work on torsional bracing systems, including analytical and experimental 
studies and the development of design recommendations, has been presented by Yura et 
al. (1992) and Yura and Helwig (1996).  This work is summarized here. 
 
Approximate LTB Strength 
Taylor and Ojalvo (1966) developed an analytical solution for the critical LTB 
moment, based on the assumption that cross-section distortion does not occur, for a 
doubly symmetric girder with continuous torsional bracing under uniform bending 
moment, as follows, 
yb
2
ocr IEMM β+=                                                                                           (6.12) 
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where, oM  is the LTB strength of the unbraced girder, bβ  is the continuous torsional 
brace stiffness, E  is the elastic modulus, and yI  is the vertical axis moment of inertia of 
the girder.  However, Milner (1977) found that cross-section distortion can cause 
Equation (6.12) to yield inaccurate results. 
Milner (1977) suggested using an effective brace stiffness, Tβ , to account for the 
effect of cross-section distortion.  This concept has been extended by Yura et al. (1992) 
to discrete torsional braces, including the effect of stiffeners and other factors as follows, 
gsecbT
1111
β+β+β=β                                                                                              (6.13) 
where, bβ  is the discrete brace stiffness, secβ  is the stiffness of the web and stiffeners, 
and gβ  is the stiffness of the girder system.  As an example, bβ , gβ , and secβ  for two 
girders connected with diaphragms can be calculated from the following equations based 
on Figure 6.1. 
S
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In Equations (6.14) to (6.16), S  is the spacing of girders, bI  is the moment of inertia of 
the bracing member about the strong axis, xI  is the horizontal axis moment of inertia of 
the girder, L  is the span length of the girder, h  is the distance between flange centroids, 
N  is the contact length of the torsional brace, wt  is the web thickness, st  is the stiffener 
thickness, and sb  is the stiffener width.  Note that Equation (6.15) was derived for two 
girders connected with a diaphragm at mid-span.  For multi-girder systems, the factor 12 
in Equation (6.15) can be changed to ( ) g2g n1n24 −  where gn  is the number of girders 
(Yura and Helwig 1996).  Equation (6.15), therefore, is modified as follows: 
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)1n(24 −=β                                                                                     (6.17) 
Equation (6.12) was developed for doubly-symmetric sections.  The torsional bracing 
of singly-symmetric sections can be approximated by replacing yI  in Equation (6.12) 
with effI , which is calculated as follows (Yura et al. 1992), 
ytyceff Ic
tII +=                                                                                                      (6.18) 
where, ycI  and ytI  are the vertical axis moment of inertia of the compression and tension 
flanges respectively, and c and t are the distances from the neutral axis to the centroid of 
the compression and tension flanges respectively. 
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Equation (6.12), which is for continuous torsional bracing, is adapted for discrete 
torsional bracing by summing the stiffness of each brace along the span and dividing by 
the girder length to get an equivalent continuous brace stiffness (Yura et al. 1992).  The 
equivalent continuous brace stiffness, Tβ  is expressed as follows, ( )Ln TT β=β                                                                                                         (6.19) 
where, n  is the number of interior braces within the span.   
Further adjustments to Equation (6.12) for top flange loading and other loading 
conditions resulted in a more general formula for the LTB strength of torsionally braced 
girders as follows (Yura et al. 1992), 
ty
T
effT
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MCM ≤β+=                                                 (6.20) 
where, buC  and bbC  are the bC  factors corresponding to an unbraced girder and perfectly 
braced girder respectively, TC  is the top flange loading modification factor, which equals 
1.2 for top flange loading and 1.0 for loading at the girder centroid, yM  is the yield 
moment, and tM  is the moment corresponding to LTB between the brace points. 
 
Analytical and Experimental Studies  
Yura et al. (1992) investigated the behavior of torsionally braced girders under 
different loading and bracing conditions and checked the validity of Equation (6.20), by 
conducting analytical and experimental studies.  The analytical studies were conducted 
using the finite element program BASP.  BASP, an acronym for Buckling Analysis of 
Stiffened Plates, was developed at the University of Texas by Akay (1977) and extended 
for use on a personal computer by Choo (1987).  The BASP program can handle different 
bracing conditions, including lateral and torsional bracing, and accounts for web 
distortion.  However, the effects of initial imperfections can not be included because the 
program is limited to linear analysis. 
Simply supported I-girders were analyzed under different loading conditions (Yura et 
al. 1992).  Under uniform bending moment, the effects of stiffeners, torsional brace 
locations (top flange or bottom flange), and multiple torsional braces were studied. The 
effect of load height was also studied for the case of concentrated load at mid-span.  The 
LTB strength was examined as the torsional brace stiffness was varied.  The analytical 
investigations produced the following results: (1) stiffeners have a significant effect on 
the LTB strength by preventing cross-section distortion, (2) torsional bracing on the 
tension flange is as effective as torsional bracing on the compression flange, (3) the effect 
of load height (top flange loading versus centroid loading) on torsionally braced girders is 
not very significant although the LTB strength is affected, and (4) a girder with a single 
torsional brace at mid-span and a girder with multiple torsional braces equally spaced, 
which has longer girder length than the girder with a single torsional brace but same 
unbraced length as the girder with a single torsional brace, will buckle in a single wave 
until the brace stiffness is sufficient to force buckling to occur between the braces.  Once 
sufficient brace stiffness is provided to both girders, however, the LTB strengths for both 
girders are identical.  Yura et al. (1992) found that the results from the analytical 
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investigation are in good agreement with the LTB strength given by Equation (6.20). 
Yura et al. (1992) conducted experimental tests to verify the analytical results.  The 
effects of initial imperfections, which were not examined in the analytical studies, were 
included in the experiments.  Two identical simply supported I-girders in a two-girder 
arrangement (Figure 6.1) were loaded at mid-span until buckling occurred.  The girder 
sizes and length were similar to those of the analytical studies.  They found from the 
experimental investigation that the analytical results from BASP and Equation (6.20) 
were in agreement with the test results.  The tests verified the following: (1) cross-section 
distortion is important for girders with torsional bracing, and (2) torsional bracing at the 
tension and compression flanges are similarly effective.  They also found from the 
experimental investigation that the LTB strength of a torsionally braced girder is affected 
by initial imperfections. 
 
Design formulas for Required Bracing 
Based on the analytical and experimental studies presented above, the design 
requirements for the torsional bracing were developed by Yura et al. (1992).  The 
required torsional brace stiffness was obtained by rearranging Equation (6.20) and 
including a factor of 2, so the actual stiffness is twice the ideal stiffness to keep the brace 
forces small (Yura et al. 1992). 
( ) ( )
eff
2
bb
T2
o
2
bu
2
crrequiredT IEC
CMCM2 −=β                                                              (6.21) 
A simplified expression for the required discrete torsional brace stiffness was developed 
from Equation (6.21).  The obu MC  term, representing the LTB strength of the unbraced 
girder, is neglected since its contribution is small compared to crM  when the girder is 
well braced, and TC  is set to its maximum value, which is 1.2 for top flange loading 
(Yura et al. 1992).  The required discrete torsional brace stiffness is as follows, 
( ) ( ) 2
bbeff
2
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ML4.2
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where, fM  is the maximum moment in the girder. 
The required strength of the brace, brM , is determined from ( )requiredTβ  as follows 
(Yura et al. 1992), ( ) orequiredTbrM θβ=                                                                                                (6.23) 
where, oθ  is the girder twist.  By assuming that oθ  is 1 degree (0.0175 radians), brM  is 
as follows, 
2
bbeff
2
f
br CIEn
ML04.0M =                                                                                                 (6.24) 
 
6.3 ANALYTICAL STUDY OF CONVENTIONAL I-GIRDERS 
Analytical and experimental studies of conventional I-girder conducted by Yura et al. 
(1992) were limited to an investigation of elastic behavior.  In the present study, two 
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different analyses were conducted using ABAQUS Version 6.1 (ABAQUS 2000) finite 
element (FE) program: elastic buckling analyses and nonlinear load-displacement 
analyses.  Elastic buckling analyses were conducted to obtain LTB modes that are used as 
the geometric initial imperfection for nonlinear load-displacement analyses and to 
estimate the LTB strength of torsionally braced girders.  These results were compared 
with results from Equation (6.20).  Nonlinear load-displacement analyses, including both 
material and geometric nonlinearities, were conducted to investigate the effects of initial 
imperfection shape, initial imperfection magnitude (IIM), and torsional brace stiffness on 
the LTB strength of torsionally braced girders.  From the analysis results, the 
assumptions of the LTB design approach of the current AASHTO LRFD specifications 
(AASHTO 2004) (i.e., at interior brace points, the girders are perfectly braced laterally 
and torsionally) was verified. 
Two bracing arrangements, similar to those described in Chapter 3, were used in the 
study.  The Scheme 10 bracing arrangement has two end braces.  A girder with this 
bracing arrangement is referred to as an S10 girder.  The Scheme 9 bracing arrangement 
has two end braces and one interior brace at mid-span.  A girder with this bracing 
arrangement is referred to as an S9 girder.  Note that these selected bracing arrangements 
were shown to be good arrangements for CFTFGs.  However, practical I-girders may not 
have sufficient LTB strength with these bracing arrangements.  Additionally, three types 
of S9 girder were studied, according to the properties of the interior bracing.  An S9-PLT 
girder is assumed to have perfect lateral and torsional bracing at mid-span.  An S9-PT 
girder is assumed to have perfect torsional bracing at mid-span.  Finally, an S9-T girder is 
assumed to have a torsional brace with finite torsional stiffness at mid-span.  Note that for 
the elastic buckling analyses, the S10, S9-PLT, S9-PT, and S9-T girders were used, but 
for the nonlinear load-displacement analyses, in order to more thoroughly investigate the 
behavior of the torsionally braced girders, only the S10, S9-PT, and S9-T girders were 
examined. 
 
6.3.1 FE MODEL 
A conventional I-girder was selected to have cross-section geometry similar to that 
of the S-CFTFG cross-section designed for the test specimens described in next chapter.  
The following section properties were similar: the vertical axis moment of inertia ( yI ), 
the horizontal axis moment of inertia ( xI ), the area of the top flange ( tfA ), the distance 
between the flange centroids ( h ), and the warping constant ( wI ).  The main cross-section 
parameter that is different between the conventional I-girder and the S-CFTFG is the St. 
Venant torsional constant ( TK ).  Figure 6.2 compares the cross-section geometry of the 
conventional I-girder with that of the S-CFTFG test specimen.  The selected conventional 
I-girder cross-section has unreasonable dimensions, including a much larger compression 
flange than tension flange.  However, this cross-section was selected to make 
comparisons with the S-CFTFG.  Similar to the S-CFTFG, intermediate transverse 
stiffeners were located at the quarter-span, mid-span, and three-quarter-span locations, 
and bearing stiffeners were located at the support locations.  The I-girder was simply 
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supported, and to produce a variable bending moment, a uniformly distributed load was 
applied to the top flange along the girder length.  S4R three-dimensional shell elements 
were used to model the girder as well as the stiffeners in the FE models. 
The end braces of each girder were assumed to provide perfect lateral and torsional 
bracing.  The lateral displacement and twist were prevented by restraining the 
corresponding degrees of freedom of the middle node of the top flange.  The mid-span 
brace of the S9-PLT girder was modeled to prevent lateral displacement and twist by 
restraining the corresponding degrees of freedom of the middle node of the top flange.  
The mid-span brace of the S9-PT girder was modeled to prevent the twist by restraining 
the corresponding degree of freedom of the middle node of the top flange.  The mid-span 
brace of the S9-T girder was modeled by a rotational spring element connected to the 
middle node of the top flange.  To prevent unexpected local deformation around the node 
connected to the spring, rigid elements were added to the top flange model in the 
transverse direction near the spring element.  Note that the use of these rigid elements 
was first checked to verify that they had no significant effect on the global response of 
the girders.  
For the elastic buckling analyses, a model with distortion (MWD) and a model 
without distortion (MWOD), as described in Section 4.2.3, were analyzed.  The MWD 
allows cross-section distortion, and the MWOD restrains cross-section distortion 
resulting in conditions similar to those assumed in the theoretical LTB strength formulas.  
For the MWOD, the nodal rotations about the girder longitudinal axis are constrained to 
be equal on each cross-section to prevent cross-section distortion. 
For the nonlinear load-displacement analyses, only the MWD was analyzed.  The 
steel was assumed to have a yield stress of 690 MPa (100 ksi).  The stress-strain behavior 
of the steel was assumed to be elastic-perfectly plastic.  The residual stresses in the steel 
were neglected.  Three different initial imperfection shapes were use in the nonlinear 
load-displacement analyses.  The first initial imperfection shape is the first buckling 
mode obtained from the elastic buckling analysis of the S10 girder.  This buckling mode 
includes lateral displacement and twist in a single half sine wave along the span length 
and is referred to as the SS shape.  The second initial imperfection shape is the second 
buckling mode obtained from the elastic buckling analysis of the S10 girder.  This mode 
includes lateral displacement and twist in a double half sine wave along the span length 
and is referred to as the DS shape.  The third initial imperfection shape is a combination 
of the first and second buckling modes from the elastic buckling analysis of the S10 
girder, with weighting factors of 2/3 and 1/3 respectively, and is referred to as the CS 
shape.   
Using these three initial imperfection shapes, three models of each girder for the 
nonlinear load-displacement analyses were made, and the imperfection shape name was 
combined with the girder name to define the model name.  For example, S10-SS is the 
S10 girder with the SS imperfection shape, S9-PT-DS is the S9-PT girder with the DS 
imperfection shape, and S9-T-CS is the S9-T girder with the CS imperfection shape.  
Three different initial imperfection magnitudes (IIMs) (L/2000, L/1000, and L/500) were 
used for each model. 
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6.3.2 ANALYSIS RESULTS 
Elastic Buckling Analyses 
For the elastic buckling analyses, the S10, S9-PLT, S9-PT, and S9-T girders were 
analyzed with three different span lengths equal to 18.0 m (59.0 ft), 13.5 m (44.3 ft), and 
9.0 m (29.5 ft).  For the S9-T girder, the LTB strength was examined as the torsional 
brace stiffness was varied. 
As indicated in Equation (6.13), the discrete torsional brace stiffness, Tβ , includes 
the effects of the discrete brace stiffness, bβ , the stiffness of the web and stiffeners, secβ , 
and the stiffness of the girder system, gβ .  The FE model of the S9-T girder, however, 
already includes the effect of secβ  in the geometry of the web and stiffener.  Therefore, to 
make reasonable comparisons between the LTB strength of the FE models and the LTB 
strength given by Equation (6.20), Equation (6.13) was modified as follows, 
secbgT
111
β+β=β                                                                                                     (6.25) 
where, bgβ  is the stiffness of the discrete brace and girder system.  bgβ  is expressed as 
follows, 
gbbg
111
β+β=β                                                                                                       (6.26) 
The stiffness of the rotational spring element in the FE model of the S9-T girder 
represents bgβ .   
To calculate the LTB strength of S9-T girder using Equation (6.20), Tβ  was 
calculated using Equation (6.25), where bgβ  was treated as a variable and secβ  was 
calculated based on the geometry of the web and stiffener.  In addition, the LTB strength, 
crM  was limited to only tM , which is the moment corresponding to LTB between the 
brace points, because the FE model analyses, in this case, were elastic buckling analyses. 
Figure 6.3 compares the LTB strengths obtained from the FE model and Equation 
(6.20) for the S9-T girder with a span of 18.0 m.  The LTB strength is plotted versus bgβ .  
The FE model results for the S9-T girder (in Figure 6.3) were also compared to those for 
the S10, S9-PLT, and S9-PT girders (not shown in this figure).  When bgβ  equals zero, 
the LTB strengths for the MWD and MWOD of the S9-T girder are the same as those for 
the MWD and MWOD of the S10 girder.  The buckling shapes are the SS shapes.  As 
bgβ  increases, the LTB strengths for the MWD and MWOD of the S9-T girder approach 
to those for the MWD and MWOD of the S9-PT girder.  The results for the S9-PT girder 
are the same as those for the S9-PLT girder.  When bgβ  reaches certain values that are 
marked with a hollow circle in Figure 6.3, the LTB strengths for the MWD and MWOD 
of the S9-T girder are same as those for the MWD and MWOD of the S9-PT girder (or 
S9-PLT girder), and the buckling shape becomes the DS shape.  The difference between 
the results from the MWD and MWOD for the S9-T girder is due to cross-section 
distortion, and appears to be very small when bgβ  equals zero.  This difference is not 
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small at the value of bgβ  that leads to buckling in the DS shape.  Equation (6.20) provides 
similar results and shows generally good agreement with LTB strength for the MWOD.  
The value of bgβ , however, which leads to buckling in the DS shape, is slightly different 
than that from the FE results.   
Similar results were obtained for girders with span lengths of 13.5 m and 9.0 m. 
 
Nonlinear Load-Displacement Analyses 
For the nonlinear load-displacement analyses, the effects of initial imperfection 
shape, initial imperfection magnitude (IIM), and torsional brace stiffness on the LTB 
strength of torsionally braced girders were investigated separately.  Similar to the elastic 
buckling analyses, three different span lengths equal to 18.0 m (59.0 ft), 13.5 m (44.3 ft), 
and 9.0 m (29.5 ft) were studied. 
For the investigation of the effects of the initial imperfection shape and the IIM, the 
S10 and S9-PT girders were analyzed.  As described above, each girder was modeled 
using three different initial imperfection shapes.  Three different IIMs were used for each 
model.  Table 6.1 shows the cases in the study.  The maximum moments (Mmax) of each 
case were normalized by the plastic moment capacity (Mp) obtained from cross-section 
analysis and are presented in Table 6.1. 
For the investigation of the effect of torsional brace stiffness, the S10, S9-PT, and 
S9-T girders were analyzed with a selected initial imperfection shape (the CS shape) and 
a selected IIM (L/1000).  The reason for these selections is discussed below.  For the S9-
T girder, similar to the elastic buckling analyses, the torsional brace stiffness is a variable, 
and the stiffness of the rotational spring element in the FE model represents bgβ .   
 
Effects of Initial Imperfection Shape 
Based on the studies of the effects of initial imperfection shape, the following 
observations were made from Table 6.1. 
• For the S10 girder, the girders with the SS and CS imperfection shapes have similar 
maximum moments, and the girder with the DS imperfection shape has the largest 
maximum moment regardless of the span length and the IIM. 
• For the S9-PT girder with span lengths of 18.0 m and 13.5 m, the girder with the SS 
imperfection shape has the largest maximum moment, and the girder with the DS 
imperfection shape has the smallest maximum moment regardless of the IIM. 
• For the S9-PT girder with a span length of 9.0 m, the same maximum moments are 
obtained regardless of the initial imperfection shape and the IIM.  The maximum 
moment is close to the plastic moment capacity.  This indicates that the maximum 
moment is controlled by the cross-section flexural capacity, not by LTB. 
• When the initial imperfection shapes are the SS and CS shapes, S9-PT girder has a 
larger maximum moment than S10 girder regardless of the span length and the IIM.   
• When the initial imperfection shape is the DS shape, S9-PT girder and S10 girder 
have similar maximum moments regardless of the span length and the IIM.  This 
indicates that torsional bracing at mid-span does not have an effect on increasing the 
LTB strength when the girder has the DS imperfection shape. 
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Typical results for girders with a span length of 18.0 m and an IIM of L/1000 are 
shown in Figure 6.4, and the corresponding deformed shapes at the maximum moments 
are shown in Figure 6.5.  The I-18-2 and I-18-8 cases, which have similar maximum 
moments, have the same deformed shapes (the SS shape).  The I-18-5 and I-18-14 cases, 
which also have similar maximum moments, have the same deformed shapes (the DS 
shape).  For the I-18-11 and I-18-17 cases, which have larger maximum moments than 
the I-18-14 case, lateral displacement occurred at mid-span even though perfect torsional 
bracing was provided at mid-span.  The deformed shape of the I-18-11 case is the SS 
shape, but unlike those of the I-18-2 and I-18-8 cases, the lateral displacements of two 
flanges are same (without twist) at the bracing location.  Similarly, the deformed shape of 
the I-18-17 case is the DS shape, but unlike those of the I-18-5 and I-18-14 cases, two 
flanges displace laterally the same amount (without twist) at the bracing location.  Figure 
6.6 shows the results for girders with a span length of 9.0 m and an IIM of L/1000.  
Deformed shapes for these cases at the maximum moments are similar to those for the 
girders with a span length of 18.0 m, shown in Figure 6.5.  For the S10 girder, the results 
for the girder with this span length are very similar to those for the girder with a span 
length of 18.0 m.  For the S9-PT girder, unlike the results for the girder with a span 
length of 18.0 m, all three cases (I-9-11, I-9-14, and I-9-17) have a similar maximum 
moment.  The reason for this result is that, as explained above, the maximum moment is 
controlled by the cross-section flexural capacity, not by LTB. 
Based on thorough investigations of the deformed shapes of each case, the following 
observations were made: (1) the behavior of the S10-SS, S10-CS, and S9-PT-DS models 
corresponds to the assumptions of the LTB design approach of the current AASHTO 
LRFD specifications (AASHTO 2004) (i.e., at brace points, the girders are perfectly 
braced laterally and torsionally), and (2) the behavior of the S10-DS, S9-PT-SS, and S9-
PT-CS models does not correspond to the assumptions of the LTB design approach of the 
current AASHTO LRFD specifications (AASHTO 2004).  In these specifications 
(AASHTO 2004), the unbraced length is defined as the distance between brace points, 
which is the span length for the S10 girders and half the span length for the S9 girders, 
and buckling is assumed to occur between the brace points.  However, the maximum 
moment for the S9-PT-SS and S9-PT-CS models is similar to and slightly exceeds the 
maximum moment for the S9-PT-DS model (which corresponds to the assumptions of the 
current AASHTO LRFD LTB design approach (AASHTO 2004). 
 
Effects of Initial Imperfection Magnitude (IIM) 
Based on the studies of the effects of the initial imperfection magnitude (IIM), the 
following observations were made from Table 6.1. 
• For the S10 girder with the SS and CS imperfection shapes, the effects of the IIM on 
the maximum moment are generally small regardless of the span length.  On average, 
the difference in the maximum moments between cases with an IIM of L/2000 and 
L/500 is 3.12%.  The largest difference is 6.39% and is observed in the S10 girder 
with the SS imperfection shape and a span length of 9.0 m. 
• For the S10 girders with the DS imperfection shape and span lengths of 18.0 m and 
13.5 m, the effects of IIM on the maximum moment are not small.  On average, the 
difference in the maximum moments between cases with an IIM of L/2000 and 
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L/500 is 13.24% and is similar for both span lengths. 
• For the S10 girder with the DS imperfection shape and a span length of 9.0 m, there 
is no effect of the IIM, because the maximum moment is controlled by the cross-
section flexural capacity, not by LTB. 
• For the S9-PT girders with span lengths of 18.0 m and 13.5 m, the effects of the IIM 
on the maximum moment are not small regardless of the initial imperfection shape.  
On average, the difference in the maximum moments between cases with an IIM of 
L/2000 and L/500 is 9.43%.  The largest difference is 13.79% and is observed for 
the S9-PT girder with the DS imperfection shape and a span length of 13.5 m. 
• For the S9-PT girder with a span length of 9.0 m, there is no effect of the IIM, 
because the maximum moment is controlled by the cross-section flexural capacity, 
not by LTB. 
 
Typical results for the girders with the CS imperfection shape and span lengths of 
18.0 m and 9.0 m are shown in Figure 6.7 and Figure 6.8, respectively. 
 
Effects of Torsional Brace Stiffness 
The CS imperfection shape and the IIM factor of L/1000 were selected for this study 
for the following reasons.  Only the CS imperfection shape is expected to lead to a 
change in buckled shape from the SS shape to the DS shape as bgβ  is increased, based on 
the initial imperfection shape study presented above.  The IIM factor of L/1000 is a 
standard straightness tolerance for sweep (AISC, 1998). 
The results for the S9-T girder with a span length of 18.0 m are shown in Figure 6.9.  
The ratios of Mmax to Mp for the S9-T-CS model, as bgβ  varies, are compared to the ratio 
of Mmax to Mp for the S10-CS model and S9-PT-CS model.  In addition, the ratio of Mmax 
to Mp for the S9-PT-DS model is included in this figure because this model satisfies the 
bracing assumptions of the LTB design approach of the current AASHTO LRFD 
specifications (AASHTO 2004).  The required bgβ , obtained by using Equation (6.25) 
with ( )requiredTβ  given by Equation (6.22) and secβ  calculated by Equation (6.16), is also 
shown in Figure 6.9.  The maximum moment of S9-PT-DS model was used for fM  in 
the calculation of the ( )requiredTβ .  The estimated bgβ , also shown in Figure 6.9, was 
calculated by using Equations (6.26), (6.14), and (6.17) with the following brace 
properties: 4b cm10198I = , m72.1S = , which were used in the experimental study 
discussed in Chapter 7, and 2and4n g = .  Two values of the estimated bgβ  were 
calculated, one assuming that a four-girder bridge system is used ( 4n g = , as in the 
prototype), and a second assuming that a two-girder bridge system is used ( 2n g = , as in 
the experimental study). 
The following observations were made, 
• When bgβ  equals zero, the maximum moment for the S9-T-CS model is the same as 
that for the S10-CS model. 
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• As bgβ  increases, the maximum moment for the S9-T-CS model approaches that for 
the S9-PT-CS model. 
• At the required bgβ , the maximum moment for the S9-T-CS model is slightly larger 
than that for the S9-PT-DS model but smaller than that for the S9-PT-CS model.   
• The required bgβ  is smaller than the estimated bgβ  for the four-girder system but 
larger than the estimated bgβ  for the two-girder system. 
• At the estimated bgβ  for the four-girder system, the maximum moment for the S9-T-
CS model is larger than that for the S9-PT-DS model. 
• At the estimated bgβ  for the two-girder system, the maximum moment for the S9-T-
CS model is smaller than that for the S9-PT-DS model. 
 
The results for the S9-T girder with a span length of 13.5 m are shown in Figure 
6.10.  The results for the S9-T girder with a span length of 13.5 are similar to those for 
the S9-T girder with a span length of 18.0 m.  Figure 6.11 shows the results for the S9-T 
girder with a span length of 9.0 m.  The observations for the span length of 9.0 m are 
similar to those for a span length of 18.0 m except for the following: 
• The S9-PT-CS model and the S9-PT-DS model provide the same maximum 
moments, which are close to the plastic moment capacity of the cross-section. 
• At the required bgβ , the maximum moment for the S9-T-CS model is same as the 
maximum moments for the S9-PT-DS and S9-PT-CS models.   
• The required bgβ  is smaller than the estimated bgβ  for the four-girder system and the 
estimated bgβ  for the two-girder system. 
• The maximum moments for the S9-T-CS model at the estimated bgβ  for the four-
girder system and the two-girder system are same as the maximum moment for the 
S9-PT-DS model. 
 
6.3.3 CONCLUSIONS 
Based on the examination of the FE model analytical results, the following 
conclusions were drawn: 
 
S10 Girder 
• The assumption of the LTB design approach of the current AASHTO LRFD 
specifications (AASHTO 2004) (i.e., at interior brace points, the girders are 
perfectly braced laterally and torsionally) is applicable for I-girders with any 
imperfection shape. 
• The effects of the initial imperfection magnitude (IIM) on girders with the SS and 
CS imperfection shapes are generally small. 
• The S10 bracing arrangement is not useful for practical situations because not 
enough flexural strength is provided. 
 
 
 128
S9-T Girder 
• The assumption of the LTB design approach of the current AASHTO LRFD 
specifications (AASHTO 2004) (i.e., at interior brace points, the girders are 
perfectly braced laterally and torsionally) is applicable for I-girders with the DS 
imperfection shape regardless of the torsional brace stiffness, and for I-girders with 
any other imperfection shapes as long as enough torsional brace stiffness is provided. 
• The required bgβ  based on elastic behavior (Equations (6.16), (6.22), and (6.25)) 
provides enough torsional brace stiffness to design torsionally braced I-girders 
according to the 2004 AASHTO LRFD specifications (AASHTO 2004) and can be 
obtained for the four-girder system but not always for the two-girder system. 
• The effects of the IIM on girders with the SS and CS imperfection shapes are 
significant.   
• The S9 bracing arrangement is not useful for practical situations because not enough 
flexural strength is provided.   
 
Girder with Multiple Interior Braces 
To provide enough flexural strength for conventional I-girders, more than one 
interior brace should be provided.  Based on the FE analysis results for the S9-T girder, it 
appears that I-girders with multiple interior torsional braces will behave as assumed by 
the LTB design approach of the 2004 AASHTO LRFD specifications (AASHTO 2004) 
with buckling between the brace points controlling the LTB strength, as long as the 
estimated bgβ  is larger than the required bgβ .  There are two approaches to satisfy this 
condition.  The first approach is to reduce the required bgβ  and the second approach is to 
increase the estimated bgβ .  As the number of the interior braces ( n ) increases, the 
required bgβ  decreases (see Equation (6.22)).  The estimated bgβ  is not affected much by 
the number of interior braces so that the required bgβ  can be more easily obtained for 
girders with multiple interior braces than for girders with one interior brace.  Additionally, 
since the two-girder system, which provides a smaller bgβ  than a system with four or 
more girders, is not widely used in practice, there should be little difficulty in obtaining 
the required bgβ  for real multi-girder bridges. 
 
6.4 ANALYTICAL STUDY OF S-CFTFGS 
Elastic buckling analyses and nonlinear load-displacement analyses of torsionally 
braced S-CFTFGs were conducted using the ABAQUS Version 6.1 (ABAQUS 2000) 
finite element (FE) program.  Elastic buckling analyses were conducted to obtain LTB 
modes that are used as the geometric initial imperfection for nonlinear load-displacement 
analyses and to estimate the LTB strength of torsionally braced girders.  These results 
were compared with results from Equation (6.20).  Nonlinear load-displacement analyses, 
including both material and geometric nonlinearities, were conducted to investigate the 
effects of initial imperfection shape, initial imperfection magnitude (IIM), and torsional 
brace stiffness on the LTB strength of torsionally braced S-CFTFGs.  Using the analysis 
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results, the applicability of the ideal design flexural strength formula presented in Chapter 
5 to S-CFTFGs with interior bracing was investigated. 
Similar to the analytical studies of conventional I-girders, two bracing arrangements 
were used: the Scheme 10 bracing arrangement and the Scheme 9 bracing arrangement.  
A girder with the Scheme 10 bracing arrangement is referred to as an S10 girder and a 
girder with the Scheme 9 bracing arrangement is referred to as an S9 girder.  Three types 
of S9 girder were studied according to the properties of the interior bracing: S9-PLT 
girders, S9-PT girders, and S9-T girders.  Note that for the elastic buckling analyses, the 
S10, S9-PLT, S9-PT, and S9-T girders were examined, but for the nonlinear load-
displacement analyses, in order to more thoroughly investigate the behavior of the 
torsionally braced girders, only the S10, S9-PT, and S9-T girders were examined. 
 
6.4.1 FE MODEL 
The cross-section geometry of the S-CFTFG test specimens presented in next chapter 
was used in this study, as shown in Figure 6.2.  Intermediate transverse stiffeners were 
located at the quarter-span, mid-span, and three-quarter-span locations, and bearing 
stiffeners were located at the supports.  The girder was simply supported, and to produce 
a variable bending moment, a uniformly distributed load was applied to the top flange 
along the girder length.  S4R three-dimensional shell elements were used to model the 
top flange (tube), web, bottom flange, and stiffeners in the FE models.  The concrete in 
the steel tube was modeled with C3D8R three-dimensional solid element.  The interface 
between the steel tube and concrete infill was modeled differently in the transverse and 
longitudinal directions. In the transverse direction, the interface was modeled with 
uniaxial gap contact elements. The gap contact elements allow for the nodes to be in 
contact or separated. In the longitudinal direction, the steel tube was assumed to be 
bonded perfectly to the concrete infill. Therefore, the interface was modeled by 
constraining the longitudinal displacements of the corresponding nodes of the steel tube 
elements and concrete infill elements to have equal displacements.  Detailed descriptions 
of the elements of the FE model are given in Section 4.3.2.  The FE models used to 
model the bracing are the same as those used for the conventional I-girders, and are 
described in Section 6.3.1. 
For the elastic buckling analyses, a model with distortion (MWD) and a model 
without distortion (MWOD) were analyzed.  For nonlinear load-displacement analyses, 
only the MWD was analyzed.  The steel was assumed to have a yield stress of 690 MPa 
(100 ksi).  The stress-strain behavior of the steel was assumed to be elastic-perfectly 
plastic.  The residual stresses in the steel were neglected.  The concrete infill was 
assumed to have a compressive strength of 55.2 MPa (8 ksi).  The stress-strain behavior 
of the concrete infill was based on an empirical stress-strain model for unconfined 
concrete developed by Oh (2002).  Detailed descriptions of the material properties used 
in the S-CFTFG FE models are given in Section 4.3.2.  Three different initial 
imperfection shapes (SS, DS, and CS) and three different IIMs (L/2000, L/1000, and 
L/500) were used to make different models of each type of girder, similar to the 
conventional I-girders studied earlier. 
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6.4.2 ANALYSIS RESULTS 
Elastic Buckling Analyses 
For the elastic buckling analyses, the S10, S9-PLT, S9-PT, and S9-T girders were 
analyzed with a span length equal to 18.0 m (59.0 ft).  For the S9-T girder, similar to the 
study of the conventional I-girders, the torsional brace stiffness is a variable, and the 
stiffness of the rotational spring element in the FE model represents bgβ . 
Figure 6.12 compares the LTB strengths obtained from the FE model and Equation 
(6.20) for the S9-T girder.  The LTB strength is plotted versus bgβ .  The FE model results 
for the S9-T girder (in Figure 6.12) were also compared to those for the S10, S9-PLT, 
and S9-PT girders (not shown in this figure).  When bgβ  equals zero, the LTB strengths 
for the MWD and MWOD of the S9-T girder are the same as those for the MWD and 
MWOD of the S10 girder.  The buckling shapes are the SS shapes.  As bgβ  increases, the 
LTB strengths for the MWD and MWOD of the S9-T girder approach to those for the 
MWD and MWOD of the S9-PT girder.  For the MWD, similar to the conventional I-
girders, when bgβ  reaches a certain value that is marked with a hollow circle in Figure 
6.12, the LTB strength of the S9-T girder is same as that of the S9-PT girder (or S9-PLT 
girder), and the buckling shape becomes the DS shape.  For the MWOD, however, unlike 
the conventional I-girders, the S9-PT girder buckles in the SS shape whereas the S9-PLT 
girder buckles in the DS shape so that the LTB strength of the S9-PT girder is smaller 
than that of the S9-PLT girder.  This indicates that even if bgβ  has an infinite value, the 
S9-T girder will not buckle in the DS shape and the LTB strength for this case does not 
reach the moment corresponding to buckling between the brace points.  The difference 
between the results from the MWD and MWOD for the S9-T girder is due to cross-
section distortion, and appears to be very small when bgβ  equals zero.  This difference 
increases as bgβ  increases.  The results for the S9-T girder given by Equation (6.20) are 
similar to those for the MWOD of the S9-T girder.  The reason that the results from 
Equation (6.20) do not reach tM , which is the moment corresponding to LTB between 
the brace points (in the DS shape), can be explained as follows.  The Tβ  required to cause 
the girder to buckle in the DS shape cannot be obtained with a fixed secβ , that is based on 
the dimensions of web and stiffener of the S-CFTFG, even if bgβ  has an infinite value 
(see Equation (6.25).   
 
Nonlinear Load-Displacement Analyses 
For the nonlinear load-displacement analyses, similar to conventional I-girders, the 
effects of initial imperfection shape, initial imperfection magnitude (IIM), and torsional 
brace stiffness on the LTB strength of torsionally braced girders were investigated 
separately.  Similar to the elastic buckling analyses of S-CFTFGs, only models with a 
span length equal to 18.0 m (59.0 ft) were studied. 
For the investigation of the effects of the initial imperfection shape and the IIM, the 
S10 and S9-PT girders were analyzed with different models considering three different 
initial imperfection shapes and three different IIMs.  Table 6.2 shows the cases in the 
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study.  The maximum moments (Mmax) of each case were normalized by the plastic 
moment capacity (Mp) obtained from cross-section analysis and are presented in Table 
6.2. 
For the investigation of the effect of torsional brace stiffness, the S10, S9-PT, and 
S9-T girders were analyzed with a selected initial imperfection shape (the CS shape) and 
a selected IIM (L/1000).  The reasons for these selections are the same as explained 
previously for the conventional I-girders.  For the S9-T girder, similar to the elastic 
buckling analyses, the torsional brace stiffness is a variable, and the stiffness of the 
rotational spring element in the FE model represents bgβ . 
 
Effects of Initial Imperfection Shape 
The results for the S-CFTFGs are similar to those for the conventional I-girders as 
follows:  
• For the S10 girder, the girders with the SS and CS imperfection shapes have similar 
maximum moments, and the girder with the DS imperfection shape has the largest 
maximum moment regardless of the IIM. 
• For the S9-PT girder with the IIM of L/1000 and L/500, the girder with the SS 
imperfection shape has the largest maximum moment, and the girder with the DS 
imperfection shape has the smallest maximum moment. 
• For the S9-PT girder with the IIM of L/2000, the same maximum moments are 
obtained regardless of the initial imperfection shape.  The maximum moment is 
close to the plastic moment capacity.  This indicates that the maximum moment is 
controlled by the cross-section flexural capacity, not by LTB.   
• When the initial imperfection shapes are the SS and CS shapes, the S9-PT girder has 
a larger maximum moment than the S10 girder regardless of the IIM. 
• When the initial imperfection shape is the DS shape, the S9-PT girder and the S10 
girder have similar maximum moments regardless of the IIM.  This indicates that 
torsional bracing at mid-span does not have an effect on increasing the LTB strength 
when the girder has the DS imperfection shape. 
 
Figure 6.13 shows the results for the girder with an IIM of L/1000.  The 
corresponding deformed shapes at the maximum moments are not shown here because 
they are similar to those for the conventional I-girders shown in Figure 6.5.   
Based on thorough investigations of the deformed shapes of each case, the following 
observations were made: (1) the behavior of the S10-SS, S10-CS, and S9-PT-DS models 
corresponds to the assumptions of the LTB design approach of the current AASHTO 
LRFD specifications (AASHTO 2004) (i.e., at brace points, the girders are perfectly 
braced laterally and torsionally), and (2) the behavior of the S10-DS, S9-PT-SS, and S9-
PT-CS models does not correspond to the assumptions of the LTB design approach of the 
current AASHTO LRFD specifications (AASHTO 2004).  However, the maximum 
moment for the S9-PT-SS and S9-PT-CS models is similar to and slightly exceeds the 
maximum moment for the S9-PT-DS model (which corresponds to the assumptions of the 
current AASHTO LRFD LTB design approach (AASHTO 2004).  In the 2004 AASHTO 
LRFD specifications (AASHTO 2004), the unbraced length is defined as the distance 
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between brace points, which is the span length for the S10 girders and half the span 
length for the S9 girders, and buckling is assumed to occur between the brace points.  
These assumptions were also used for developing the ideal design flexural strength 
formulas for S-CFTFGs presented in Chapter 5. 
 
Effects of Initial Imperfection Magnitude (IIM) 
The results for the S-CFTFGs are similar to those for the conventional I-girder as 
follows:  
• For the S10 and S9-PT girders with the SS and CS imperfection shapes, the effects 
of the IIM on the maximum moment are generally small.  On average, the difference 
in the maximum moments between cases with an IIM of L/2000 and L/500 is 3.64%.  
The largest difference is 4.98% and is observed in the S10 girder with the SS 
imperfection shape. 
• For the S10 and S9-PT girders with the DS imperfection shape, the effects of the 
IIM on the maximum moment are not small.  The differences in the maximum 
moments between cases with an IIM of L/2000 and L/500 for the S10 girder and the 
S9-PT girder are 10.73% and 10.51%, respectively. 
 
Figure 6.14 shows typical results for the girder with the CS imperfection shape.   
 
Effects of Torsional Brace Stiffness 
The CS imperfection shape and the IIM factor of L/1000 were selected for this study 
for the reasons explained previously for the study of conventional I-girders.   
Since the ideal design flexural strength ( dM ) for the S-CFTFGs, developed based on 
the assumptions of the LTB design approach of the current AASHTO LRFD 
specifications (AASHTO 2004) (i.e., at interior brace points, the girders are perfectly 
braced laterally and torsionally), are different for construction and service conditions (see 
Chapter 5), the investigation of the torsional bracing effects was conducted separately for 
construction and service conditions.  As explained in Section 5.5, for construction 
conditions, the smaller of the bending moments at OI and FY (MOI and MFY) were taken 
as the analytical flexural strength from the FE models, and for service conditions, the 
bending moment at LI (MLI) was taken as the analytical flexural strength from the FE 
models.  OI represents the onset of instability which is the point that the strain increment 
reverses due to lateral bending at any location on the cross-section, FY represents the first 
yielding at either the center of the bottom flange or on the tube, and LI represents the 
limit of instability which is the point of maximum moment.  Note that the analytical 
flexural strengths obtained from FE models under construction and service conditions are 
referred to as acM  and asM , respectively for convenience. 
The results for the S-CFTFGs under construction and service conditions are shown in 
Figure 6.15 and Figure 6.16, respectively.  In Figure 6.15, the ratios of acM  to Mp for 
the S9-T-CS model, as bgβ  varies, are compared to the ratios of acM  to Mp for the S10-
CS, S9-PT-CS, and S9-PT-DS models.  Note that the behavior of the S9-PT-DS model 
corresponds to the assumption regarding perfect bracing at the brace points, used in the 
development of the ideal design flexural strength formulas presented in Chapter 5.  The 
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required bgβ  was obtained by using Equation (6.25) with ( )requiredTβ  given by Equation 
(6.22) and secβ  calculated by Equation (6.16).  The acM  of the S9-PT-DS model was 
used for fM  in the calculation of the ( )requiredTβ .  The estimated bgβ  was calculated by 
using Equations (6.25), (6.14), and (6.17) with the following brace properties: 
4
b cm10198I = , m72.1S = , which were used in the experimental study discussed in 
Chapter 7, and 2and4n g = .  Two values of the estimated bgβ  were calculated, one 
assuming that a four-girder bridge system is used ( 4n g = , as in the prototype), and a 
second assuming that a two-girder bridge system is used ( 2n g = , as in the experimental 
study). 
In Figure 6.16, the ratios of asM  to Mp for the S9-T-CS model, as bgβ  varies, are 
compared to the ratios of asM  to Mp for the S10-CS, S9-PT-CS, and S9-PT-DS models.  
The required bgβ  was obtained as discussed above for construction conditions, except 
that asM  of the S9-PT-DS model was used for fM  in the calculation of the ( )requiredTβ  
instead of acM .  The estimated bgβ  for service conditions is same as that for construction 
conditions. 
The following observations were made:  
• When bgβ  equals zero, the acM  and asM  for the S9-T-CS model are the same as 
those for the S10-CS model, respectively. 
• As bgβ  increases, the acM  and asM for the S9-T-CS model approach those for the 
S9-PT-CS model, respectively. 
• At the required bgβ  for construction conditions, the acM  for the S9-T-CS model is 
smaller than those for the S9-PT-DS and S9-PT-CS models. 
• At the required bgβ  for service conditions, the asM  for the S9-T-CS model is 
slightly larger than that for the S9-PT-DS model, but smaller than that for the S9-
PT-CS model. 
• The required bgβ  is larger than the estimated bgβ  for both the two-girder system and 
the four-girder system under both construction and service conditions. 
• At the estimated bgβ  for the two-girder system and the four-girder system, the acM  
and asM  for the S9-T-CS model are smaller than those for the S9-PT-DS model, 
respectively. 
 
 
6.4.3 CONCLUSIONS 
Based on the examination of the FE model analytical results, the following 
conclusions were drawn: 
 
S10 Girder 
• The ideal design flexural strength formulas presented in Chapter 5 are applicable for 
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S-CFTFGs with any imperfection shape. 
• The effects of the initial imperfection magnitude (IIM) on S-CFTFGs with the SS 
and CS imperfection shapes are generally small. 
 
S9-T Girder 
• The ideal design flexural strength formulas presented in Chapter 5 are applicable for 
S-CFTFGs with the DS imperfection shape regardless of the torsional brace stiffness. 
• For construction conditions, the required bgβ  based on elastic behavior (Equations 
(6.16), (6.22), and (6.25)) provides torsional brace stiffness that is insufficient to 
allow torsionally braced S-CFTFGs to be designed using the ideal design flexural 
strength formulas. 
• For service conditions, the required bgβ  based on elastic behavior (Equations (6.16), 
(6.22), and (6.25)) provides enough torsional brace stiffness to allow torsionally 
braced S-CFTFGs to be designed using the ideal design flexural strength formulas. 
• It may be difficult to obtain the required bgβ  in practical situations because of the 
following reasons: (1) the required bgβ , which is based on the moment 
corresponding to buckling between brace points, is much larger for S-CFTFGs than 
for conventional I-girders with the same span, and (2) the estimated bgβ  cannot be 
increased without limit because the estimated bgβ  is related to the stiffness of the 
discrete braces as well as the stiffness of the complete girder system (see Equation 
(6.17)).   
• The ideal design flexural strength formulas are not conservative for S-CFTFGs with 
any imperfection shape other than the DS imperfection shape due to the reasons 
described above. 
• The effects of the IIM for S-CFTFGs with the SS and CS imperfection shapes are 
generally small. 
 
Girder with Multiple Interior Braces 
It was observed from the initial design study and the previous FE analyses that S-
CFTFGs with the Scheme 10 or Scheme 9 bracing arrangements may have enough 
flexural strength for construction and service conditions.  Therefore, multiple interior 
braces might not be needed.  If more than one interior brace is needed, it may not be 
difficult to obtain the required bgβ , because the required bgβ  decreases as the number of 
interior braces increases.  However, it is questionable whether the flexural strength of S-
CFTFGs with the required bgβ  can be conservatively predicted by the ideal design 
flexural strength formulas when multiple interior braces are used.  More analytical 
studies are required to investigate these cases. 
 
6.5 PROPOSED DESIGN FLEXURAL STRENGTH FORMULAS FOR 
TORSIONALLY BRACED S-CFTFGS 
Based on the analytical study results described in Section 6.4, design flexural 
strength formulas for torsionally braced S-CFTFGs, considering LTB and/or yielding, are 
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proposed in this section.  Similar to the ideal design flexural strength formulas presented 
in Section 5.5.2, the flexural strength obtained from the FE models was used to develop 
the design flexural strength formulas. Separate formulas are proposed for construction 
and service conditions. For construction conditions, the smaller of the bending moment at 
the onset of instability (i.e., at OI, OIM ), and at the first yield (i.e., at FY, FYM ) were 
taken as the analytical flexural strength from the FE models.  These formulas are 
intended to avoid permanent deformation or excessive lateral displacement under 
construction conditions. For service conditions, the bending moment at the limit of 
instability (i.e., at LI, LIM ) was taken as the analytical flexural strength from the FE 
models. 
However, unlike the ideal design flexural strength formulas, the LTB strength of S-
CFTFGs is estimated based on the total girder length, including the effects of the 
torsional bracing, rather than assuming each torsional brace produces perfect lateral and 
torsional bracing.  The design flexural strength formulas for torsionally braced S-
CFTFGs were developed based on the Scheme 9 bracing arrangement. 
The design flexural strength formulas for torsionally braced S-CFTFGs are expressed 
in same form as the ideal design flexural strength formulas.  However, in order to predict 
the flexural strength for torsionally braced S-CFTFGs more accurately, small 
modifications were made. 
The design flexural strength of torsionally braced S-CFTFGs, brdM , is given by 
dss
br
sbu
br
d MandMMCM ≤α=                                                                  (6.27) 
where, buC  is the moment gradient correction factor corresponding to the girder without 
interior bracing within the span, obtained by applying Equation (5.2) to the entire girder 
length, brsα  is a strength reduction factor for the torsionally braced girder, sM  is the 
cross-section flexural capacity (defined differently for construction and service 
conditions as shown later), and dM  is the ideal design flexural strength corresponding to 
buckling between the brace points given by Equation (5.1).  The strength reduction factor 
for the torsionally braced girder is given by 
0.1
M
M
2.2
M
M
8.0 br
cr
s
2
br
cr
sbr
s ≤







−+


=α                                                          (6.28) 
where, brcrM  is the elastic LTB moment including the torsional brace stiffness, which is 
given by  
2
br2
bu
2
bb2ubr
cr
br
cr MC
C
MM +=                                                                                   (6.29) 
where, ubrcrM  is the elastic LTB moment for the girder without interior bracing within the 
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span, bbC  is the moment gradient correction factor corresponding to the unbraced 
segment under investigation, assuming these adjacent brace points provide perfect 
bracing, obtained by applying Equation (5.2) to the unbraced segment, and brM  is the 
moment including the torsional bracing effect, given later.  ubrcrM  is given by  
( )2y
2
tr
2
trT
y
ubr
cr rL
Ad
467.2AK385.0
rL
EM +π=                                                           (6.30) 
where, E is the elastic modulus of steel, L  is the span length, yr  is the radius of gyration 
given by Equation (5.5), TK  is the St. Venant torsional constant, trA  is the transformed 
section area, and d  is the section depth.  Note that Equation (6.30) is Equation (5.4) with 
bL  replaced by the span length L .  The moment including the torsional bracing effect, 
brM , is given by 
L2.1
nIE
M effTbr
β=                                                                                               (6.31) 
 
6.5.1 CONSTRUCTION CONDITIONS 
For construction conditions, sM  is scM , which is the smaller of the yield moment 
calculated from the transformed section or from strain compatibility, yM , and the non-
composite compact-section positive flexural strength calculated based on strain 
compatibility scnccM .  The details of yM  and 
sc
nccM  are presented in Chapter 3.   
 
6.5.2 SERVICE CONDITIONS 
For composite S-CFTFGs under service conditions, the positive flexural strength is 
sc
ccM , which is the composite compact-section positive flexural strength calculated based 
on strain compatibility (see Chapter 3), and brdM  equals 
sc
ccM . 
For non-composite S-CFTFGs under service conditions, sM  is ssM , which is taken 
as either the plastic moment, pM , or the moment reduced from the plastic moment to 
account for the effects of web slenderness given by Equation (5.9).  If lateral bracing of 
the girders by attachment to the deck is not provided, Equation (6.27) is used without any 
modifications.  However, if lateral bracing of the girders by attachment to the deck is 
provided, it is assumed that the deck attachments provide the girder with perfect lateral 
and torsional bracing.  Then, the ideal design flexural strength formulas from Section 
5.5.2 should be used with bL  equal to the distance between deck attachment locations.   
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6.5.3 COMPARISON WITH IDEAL DESIGN FLEXURAL STRENGTH AND 
FE ANALYSIS RESULTS 
Figure 6.17 and Figure 6.18 compare the design flexural strength considering 
torsional brace stiffness with the ideal design flexural strength and the FE results for the 
construction and service conditions, respectively.  The S9-T-CS model was analyzed.  
The design flexural strength formulas considering torsional brace stiffness provide 
conservative flexural strength compared to the ideal design flexural strength formulas, 
and more accurately estimates the flexural strength of torsionally braced S-CFTFGs, 
especially for the construction conditions.   
As a result, the design flexural strength formulas considering the torsional brace 
stiffness appear to be conservative for design of torsionally braced S-CFTFGs for the 
construction and service conditions. 
 
 138
Table 6.1  FE models and results for analytical studies of I-girders 
Span length (L),
m
I-18-1 L/2000 0.317
I-18-2 L/1000 0.316
I-18-3 L/500 0.313
I-18-4 L/2000 0.727
I-18-5 L/1000 0.690
I-18-6 L/500 0.639
I-18-7 L/2000 0.318
I-18-8 L/1000 0.317
I-18-9 L/500 0.315
I-18-10 L/2000 0.799
I-18-11 L/1000 0.778
I-18-12 L/500 0.747
I-18-13 L/2000 0.727
I-18-14 L/1000 0.696
I-18-15 L/500 0.639
I-18-16 L/2000 0.747
I-18-17 L/1000 0.732
I-18-18 L/500 0.696
Case
S9-PT-CS
18.0
S10-SS
Model Mmax/Mp
S10-DS
S10-CS
S9-PT-SS
S9-PT-DS
IIM
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Table 6.1  FE models and results for analytical studies of I-girders (continued) 
Span length (L),
m
I-14-1 L/2000 0.394
I-14-2 L/1000 0.390
I-14-3 L/500 0.381
I-14-4 L/2000 0.943
I-14-5 L/1000 0.896
I-14-6 L/500 0.819
I-14-7 L/2000 0.394
I-14-8 L/1000 0.394
I-14-9 L/500 0.386
I-14-10 L/2000 0.966
I-14-11 L/1000 0.951
I-14-12 L/500 0.904
I-14-13 L/2000 0.943
I-14-14 L/1000 0.896
I-14-15 L/500 0.819
I-14-16 L/2000 0.962
I-14-17 L/1000 0.927
I-14-18 L/500 0.869
13.5
Case IIMModel
S9-PT-CS
Mmax/Mp
S10-SS
S10-DS
S10-CS
S9-PT-SS
S9-PT-DS
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Table 6.1  FE models and results for analytical studies of I-girders (continued) 
Span length (L),
m
I-9-1 L/2000 0.577
I-9-2 L/1000 0.564
I-9-3 L/500 0.541
I-9-4 L/2000 0.969
I-9-5 L/1000 0.969
I-9-6 L/500 0.969
I-9-7 L/2000 0.580
I-9-8 L/1000 0.572
I-9-9 L/500 0.554
I-9-10 L/2000 0.969
I-9-11 L/1000 0.969
I-9-12 L/500 0.969
I-9-13 L/2000 0.969
I-9-14 L/1000 0.969
I-9-15 L/500 0.969
I-9-16 L/2000 0.969
I-9-17 L/1000 0.969
I-9-18 L/500 0.969
9.0
S9-PT-CS
S10-DS
S10-CS
S9-PT-SS
S9-PT-DS
Case IIMModel
S10-SS
Mmax/Mp
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Table 6.2  FE models and results for analytical studies of S-CFTFGs 
Span length (L),
m
CFTF-18-1 L/2000 0.787
CFTF-18-2 L/1000 0.773
CFTF-18-3 L/500 0.749
CFTF-18-4 L/2000 0.978
CFTF-18-5 L/1000 0.955
CFTF-18-6 L/500 0.875
CFTF-18-7 L/2000 0.792
CFTF-18-8 L/1000 0.781
CFTF-18-9 L/500 0.760
CFTF-18-10 L/2000 0.977
CFTF-18-11 L/1000 0.974
CFTF-18-12 L/500 0.962
CFTF-18-13 L/2000 0.977
CFTF-18-14 L/1000 0.955
CFTF-18-15 L/500 0.877
CFTF-18-16 L/2000 0.977
CFTF-18-17 L/1000 0.973
CFTF-18-18 L/500 0.940
Mmax/Mp
18.0
S10-SS
S10-DS
S10-CS
S9-PT-SS
S9-PT-DS
S9-PT-CS
Case Model IIM
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Figure 6.1  bβ , gβ , and secβ  for twin girders connected by diaphragms 
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Figure 6.2  Cross section of conventional I-girder compared to that of tested S-CFTFG 
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Figure 6.3  Elastic LTB strength with varying bgβ  for I-girders (L=18.0 m) 
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Figure 6.4  Effects of initial imperfection shape for I-girders (IIM =L/1000, L=18.0 m) 
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Figure 6.5  Deformed shapes at maximum moments for I-girders                              
(IIM=L/1000, L=18.0 m) 
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Figure 6.6  Effects of initial imperfection shape for I-girders (IIM =L/1000, L=9.0 m) 
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Figure 6.7  Effects of IIM for I-girders (CS imperfection shape, L=18.0 m) 
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Figure 6.8  Effects of IIM for I-girders (CS imperfection shape, L=9.0 m) 
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Figure 6.9  Maximum moment with varying bgβ  for I-girders (L=18.0 m) 
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Figure 6.10 Maximum moment with varying bgβ  for I-girders (L=13.5 m) 
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Figure 6.11  Maximum moment with varying bgβ  for I-girders (L=9.0 m) 
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Figure 6.12  Elastic LTB strength with varying bgβ  for S-CFTFGs (L=18.0 m) 
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Figure 6.13  Effects of initial imperfection shape for S-CFTFGs                             
(IIM=L/1000, L=18.0 m) 
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Figure 6.14  Effects of IIM for S-CFTFGs (CS imperfection shape, L=18.0 m) 
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Figure 6.15  FE model flexural strength with varying bgβ  for S-CFTFGs for construction 
conditions (L=18.0 m) 
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Figure 6.16  FE model flexural strength with varying bgβ  for S-CFTFGs for service 
conditions (L=18.0 m) 
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Figure 6.17  Comparison of FE model and design flexural strengths under construction 
conditions (L=18.0 m) 
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Figure 6.18  Comparison of FE model and design flexural strengths under service 
conditions (L=18.0 m) 
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CHAPTER 7  
DESIGN, FABRICATION, AND PRELIMINARY ANALYSES OF 
TEST SPECIMEN 
 
7.1 INTRODUCTION 
Previous chapters presented the results of an initial design study and the finite 
element (FE) analytical studies of concrete filled tubular flange girders (CFTFGs).  It was 
found that CFTFGs have several advantages over conventional I-girders.  To verify these 
advantages, especially regarding lateral torsional buckling (LTB) strength, and to 
investigate the ability of CFTFGs to carry their factored design loads, an experimental 
study was conducted. 
This chapter describes the experimental study.  The experimental program is 
described in Section 7.2.  The design and fabrication of the test specimen are described in 
Sections 7.3 and 7.4, respectively.  Finally, preliminary analyses of FE models of the test 
girders are presented in Section 7.5. 
 
7.2 EXPERIMENTAL PROGRAM 
The results of the initial design study of the four-girder prototype bridge were 
presented in Chapter 3.  These results include a comparison of the steel weight of the 
composite CFTFGs, non-composite CFTFGs, and composite conventional I-girders.  The 
following results were obtained: (1) the composite CFTFGs are significantly lighter than 
the composite conventional I-girders, even when a large diaphragm spacing is used, and 
(2) the non-composite CFTFGs have heavier girder steel weight than the composite 
CFTFGs, but less construction effort is required to attach the non-composite CFTFGs to 
the concrete deck.  For example, a precast concrete deck can be easily installed if the 
girders are designed to be non-composite. 
Based on these results, the non-composite CFTFGs were selected for the 
experimental investigation.  The objective of the experimental investigation is to 
demonstrate that CFTFGs have sufficient flexural strength to carry the factored design 
loads without damage.  The investigation considered two different conditions: (1) 
construction conditions, which are the loads and support conditions that occur during 
erection of the bridge and placement of the deck, and where the flexural strength is 
controlled by the LTB strength, and (2) service conditions, which are the loads and 
support conditions that occur during normal use of the bridge, and where the flexural 
strength is controlled by the cross-section flexural capacity.  For both conditions, the 
maximum test loads were more than the factored design loads.  However, for 
construction conditions, to prevent yielding and permanent deformation of the steel 
structure during the tests, the maximum test loads were less than the load causing either 
yielding or excessive lateral displacement.  For service conditions, to prevent sudden 
failure during the tests, the maximum test loads were less than the load causing failure. 
The geometry of the test girders was based on the results of the initial design study 
for the four-girder full scale prototype bridge presented in Chapter 3.  To reduce the size 
and cost of the test specimens, however, the four-girder full-scale prototype bridge was 
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scaled using a 0.45 scale factor that reduced the span to 0.45 x 40 m = 18 m, and only 
two girders, rather than the four girders of the prototype bridge, were tested.  The two 
adjacent test girders were tested in two different conditions: (1) with two end diaphragms 
and one interior diaphragm (the Scheme 9 diaphragm arrangement) and (2) with only two 
end diaphragms (the Scheme 10 diaphragm arrangement).  The deck was precast, and 
was designed and detailed to avoid bracing the girders for the tests under construction 
conditions.  In these conditions, the precast deck was placed on top of the girders without 
any attachments.  However, for the tests under service conditions, the precast deck was 
designed and detailed to restrain the lateral displacement of the girders.  In order to 
simulate lateral bracing of the girders by the deck for the tests under service conditions, 
lateral bracing angles, at discrete locations along the span, were welded to steel plates 
embedded in the deck.  These angles guided the girders but had no connection to the 
girders.  This bracing system simulated a non-composite girder, braced by the deck using 
a minimum number of attachments (e.g., shear studs).  The details of the lateral bracing 
angles are presented in Chapter 8. 
The experimental program included four different tests of the scaled two-girder test 
specimen.  Note that for the tests under construction conditions, the test specimen 
consists of two girders and diaphragms only.  However, for the tests under service 
conditions, the test specimen consists of two girders, diaphragms, and a precast deck.  
The reason for the difference is that for the tests under construction conditions, the 
precast deck does not contribute to resisting the moment from the applied loads, but for 
the tests under service conditions, the precast deck contributes to resisting the moment 
from the applied loads.  The four different tests are as follows: 
• Stage 1 test: construction conditions with the Scheme 9 diaphragm arrangement. 
• Stage 2 test: construction conditions with the Scheme 10 diaphragm arrangement. 
• Stage 3-1 test: service conditions with the Scheme 10 diaphragm arrangement. 
• Stage 3-2 test: service conditions with the Scheme 10 diaphragm arrangement. 
Note that only one test (Stage 3-1) under service conditions, was planned.  However, 
unexpected results during the Stage 3-1 test were observed and therefore this test was 
terminated early.  A second test under service conditions (Stage 3-2) was conducted 
subsequently.  Schematic drawings of the test specimen under each test condition are 
shown in Figure 7.1.  The test girders were repeatedly used for all the tests.   
The details of the design and fabrication of the test specimen, especially the two 
girders with the diaphragms, are explained in following sections of this chapter.  The 
details of the design and fabrication of the precast deck, which is a part of the test 
specimen for the tests under service conditions, are explained in Chapter 8.  The details 
of the design and construction of the test setup, and the test procedures are also explained 
in Chapter 8. 
 
7.3 DESIGN OF TEST SPECIMEN 
The prototype bridge girders described in Chapter 3 were designed to have minimum 
steel weight, and included three segments and two shop splices along the span length.  
These girders are referred to as the optimized full scale girders.  Note that Ellis and Sause 
(1999) found that placing the flange plate transitions at 8.0 m (26.2 ft) from the ends of 
the girders results in minimum steel girder weight for a 40.0 m (131 ft) span conventional 
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I-girder bridge.  Therefore, the initial design study described in Chapter 3 used the same 
arrangement of flange plate transitions for the conventional I-girders and for the bottom 
flanges of the CFTFGs.  In addition, the web thickness is allowed to change at the flange 
plate transitions.  The results of the initial design study using HPS 690W steel, 55.2 MPa 
concrete, and no interior diaphragm (the Scheme 10 diaphragm arrangement) were 
selected as the basis of the test specimen.  The Scheme 10 diaphragm arrangement was 
selected to illustrate of the advantages of CFTFGs. 
For fabrication efficiency, the test girders, which are 45% scale of the prototype 
bridge girders, were not based directly on the minimum steel weight optimized full scale 
girder designs with three segments and two shop splices.  Instead, the test girders had 
identical dimensions along the span, without transitions for the web and bottom flange, 
respectively.  Therefore, the full scale bridge girders, which are scaled up (by 1/0.45) 
from the test girders, and are referred to as the equivalent full scale girders, are 12% 
heavier than the optimized full scale girders.  Additionally, three intermediate transverse 
stiffeners, as well as bearing stiffeners, were introduced in the test girders, based on 
observations from the analytical study, described in Chapter 5. 
The nominal dimensions and material properties of the test girders, equivalent full 
scale girders, and optimized full scale girders are shown in Table 7.1.  In Table 7.1, Ltotal, 
L, Dtube, Ttube, Dweb, Tweb, Bbf, Tbf, Fy, fc' are the total girder length, span, outside tube 
diameter, tube thickness, web depth, web thickness, bottom flange width, bottom flange 
thickness, specified yield stress of steel, and specified compressive strength of concrete, 
respectively.  The total girder length includes added length for the bearings at both ends 
and was designed for only the test girders.  Two test girders (denoted G1 and G4), which 
have identical nominal dimensions, were designed for the experiments.  Figure 7.2 
shows the nominal geometry of the test girders.   
In Figure 7.2, St1 represents the intermediate transverse stiffeners at the quarter-span 
and three quarter-span locations, St2 represents the intermediate transverse stiffeners at 
the mid-span location, and St3 represents the bearing stiffeners at the supports.  All the 
stiffeners described here are placed in pairs on each side of web.  The bearing stiffeners 
were designed to carry concentrated loads produced by the end reactions.  For 
conventional I-girders, the intermediate transverse stiffeners are, generally, designed to 
prevent shear buckling and to develop tension field action.  However, for CFTFGs, the 
intermediate transverse stiffeners are designed to prevent cross-section distortion rather 
than to prevent shear buckling and to develop tension field action.  As described in 
Chapter 5, the significant torsional rigidity of the tubular flange leads to cross-section 
distortion by out-of plane bending of the web, which reduces the LTB strength.  The 
intermediate transverse stiffeners act to prevent cross-section distortion by increasing the 
out-of plane bending stiffness of the web and improve the LTB strength.  The bearing 
stiffeners act as connection plates for the end diaphragms between adjacent girders, and 
the intermediate transverse stiffeners at the mid-span location act as connection plates for 
the interior diaphragm used in the Stage 1 test.  HPS 690W steel was used for both the 
bearing and intermediate stiffeners.  Figure 7.3 shows the cross-section of the test girders 
with the nominal geometry of the intermediate stiffeners and bearing stiffeners. 
Diaphragms were designed to brace adjacent girders.  During construction conditions, 
diaphragms are the only members to prevent the girders from deflecting independently 
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between the bearings.  Diaphragms control differential vertical displacements as well as 
torsional and lateral displacements.  During service conditions, the combination of the 
diaphragms and concrete deck control differential vertical displacements as well as 
torsional and lateral displacements.  In this study, the design of the interior diaphragm 
located at mid-span was based on construction conditions with the Scheme 9 diaphragm 
arrangement (for the Stage 1 test). The end diaphragms were designed based on service 
conditions with the Scheme 10 diaphragm arrangement (for the Stage 3-1 or Stage 3-2 
test).  Wind loads from the 1998 AASHTO LRFD Bridge Design Specifications 
(AASHTO 1998), and brace stiffness and strength criteria for controlling LTB by Yura 
and Helwig (1996) were considered in the diaphragm design.  For fabrication efficiency, 
the larger of the interior and end diaphragm designs were then used for both the interior 
and end diaphragms of the test specimen.  Figure 7.4 shows the nominal geometry of the 
interior and end diaphragms. 
 
7.4 FABRICATION OF TEST SPECIMEN 
The plate materials for the web and bottom (tension) flange were made of Cu-Ni 
HPS 100W and produced by Bethlehem/Lukens Plate.  The tubes were made of Cu-Ni 
HPS 100W and produced by US Steel.  The Cu-Ni HPS 100W was an experimental steel 
at the time the test girders were made, as described by Gross and Stout (2001, 2002, and 
2003).  This material is now in the ASTM A709 specifications (ASTM A709/A709M-
03a 2004). 
High Steel Structures, Inc., a bridge fabricator located in Lancaster, Pennsylvania, 
fabricated the test girders with the diaphragms.  The tubes and the web plates have one 
splice and the bottom flange plates have two splices along the length because the 
available length of tube and plate material was not sufficient to make a total girder length 
of 18.3 m (60.0 ft) from one piece.  The bottom flange splices were made with complete 
joint penetration groove welds using the submerged arc welding (SAW) process.  For the 
splices of the web plate and tube, complete joint penetration groove welds using the gas 
metal arc welding (GMAW) process were made.  To join the tubes, web plates, bottom 
flange plates, and stiffeners, fillet welds using the gas metal arc welding (GMAW) 
process were made.  The nominal fillet weld sizes are shown in Figure 7.2 and Figure 
7.5.  The test girders were braced by diaphragms as discussed earlier.  The end 
diaphragms and interior diaphragms have same connection details as shown in Figure 7.4.  
Sixteen 12.7 mm (0.5 in) diameter bolts were used to make each connection. 
The steel tubes of test girders were filled with high strength concrete with a specified 
compressive strength of 55 MPa (8 ksi).  The high strength concrete was provided and 
pumped into the tubes by Koller Concrete, Inc. located in Bethlehem, Pennsylvania.  
ADVA Flow Superplasticizer which is a high range water-reducing admixture produced 
by Grace Construction Products was used to produce high slump concrete with no loss in 
strength and extreme workability characteristics.  As shown in Figure 7.6, a plate was 
tack welded to both ends of each tube.  A pumping shut-off valve was installed near the 
bottom region of the plate at one end of each tube, called the pumping side, and an angle 
shaped pipe was installed near the top region of the plate at the opposite end of each tube, 
called the air side, in order to let air out.  The test girders were positioned with the air 
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side approximately 750 mm (30 in) higher than the pumping side.  Concrete pumping 
was planned to be continuous until the concrete overflows through the angle shaped pipe 
on the air side.  However, because of the small diameter of this pipe, only water came out 
thorough the pipe.  Filling of the tube was verified by leaking concrete through the gap 
between the top region of the tube and the tack welded plate on the air side.  Figure 7.7 
shows the process of pumping concrete into the steel tubes of the test girders.  Eighteen 
150 x 300 mm (6 x 12 in) concrete cylinders were cast in plastic cylinder molds at that 
time.  These concrete cylinders were used to determine the compressive strength of the 
cured concrete. 
Table 7.2 shows the measured dimensions of the two test girders, denoted by G1 and 
G4, compared to the nominal dimensions.  The maximum difference was observed for the 
width of bottom flange, and this difference is about 1.4 %. 
 
7.4.1 MATERIAL CHARACTERISTICS 
Steel Material Properties 
As described in Section 7.2, the maximum loads to be applied during the tests were 
not planed to exceed the load causing either initiation of yielding or excessive lateral 
displacement for the tests under construction conditions.  For the service condition tests, 
the intended maximum loads were just beyond the load causing the initiation of yielding 
of the cross-section but not up to the failure load.  From the preliminary cross-section 
analysis, it was observed that yielding initiates at the bottom flange of the mid-span 
section.  Therefore, the material properties of the bottom flange plate were examined 
more closely than those of the top flange (tube) and web plate. 
Table 7.3 summarizes the average material properties of the tubes reported by Gross 
and Stout (2001), and of the web plates and bottom flange plates specified in the mill 
reports.  The stiffeners were made from the same plates as the bottom flanges.  More 
accurate material properties for the bottom flange plates were obtained from uniaxial 
tension tests on tension coupons that were cut from the bottom flange plates by Salem 
(2003).  The results of these tests are summarized in Table 7.4.  In Table 7.3 and Table 
7.4 sE , yσ , uσ , uε , and Y/T are the elastic modulus, the yield stress, the ultimate stress, 
the strain at ultimate stress, and the yield ratio determined by dividing the yield stress by 
the ultimate stress, respectively.  The yield stress was determined by the 0.2% offset 
method.  The yield stresses for the tube, web plate, and bottom flange plate shown in 
Table 7.3 and Table 7.4 indicate that: (1) the average yield stress of the tube reported by 
Gross and Stout (2001) is 15% greater than the nominal yield stress (690 MPa), (2) the 
average yield stress of the web plate given in the mill reports is 14% greater than the 
nominal yield stress (690 MPa), and (3) the average yield stresses of the bottom flange 
plate given in the mill reports and obtained by Salem (2003) are 12% and 13% greater 
than the nominal yield stress (690 MPa), respectively.  Figure 7.8 shows a typical 
measured stress-strain curve for the bottom flange plate. 
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Concrete Material Properties 
Uniaxial compression tests were conducted on 150 x 300 mm (6 x 12 in) concrete 
cylinders which were cast with test girders and cured in closed plastic molds.  The 
concrete cylinders were tested at 7, 14, 21, 28, and 160 days after casting.  Note that the 
Stage 3-1 and Stage 3-2 tests were conducted approximately 160 days after casting.  The 
uniaxial compression tests were conducted according to ASTM C39 Standards (ASTM 
C39 1997) and using a universal test machine with a compression load capacity of 2670 
kN (600 kips).  The top and bottom surfaces of the concrete cylinders were capped with 
sulfur based capping compound before testing.  In the 7 day tests, only the compressive 
strength was measured.  In the 14 day tests, however, in order to determine the average 
strains in the concrete during the tests, an LVDT ring frame (Cetisli, 2003) was used as 
shown in Figure 7.9.  Two axial and two lateral LVDTs with 150 mm gage lengths were 
installed in the LVDT ring frame to measure axial and lateral deformations, respectively.  
An LVDT with a 25.4 mm gage length was installed between the top and bottom platens 
of the test machine to provide displacement control during the tests. 
The experimental results from the compression tests of the concrete cylinders are 
summarized in Table 7.5.  In Table 7.5 Ec, fc', and εuc are the elastic modulus, the peak 
compressive stress, and the strain at the peak compressive stress, respectively.  The 
values of fc', and εuc were obtained directly from the compression tests.  Ec, however, was 
determined from the equation presented in the ACI Building Code Requirements for 
Structural Concrete (ACI 2002) as follows, 
MPafw0430E c
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where, wc and fc' are the unit weight of the hardened concrete in kg/m3 and the 
compressive strength of the concrete in MPa, respectively  The unit weight of the 
concrete was 2430 kg/m3 (152 pcf).  It was observed from comparing Ec from Equation 
(7.1) and the initial slope of the test results that the two results are in good agreement.  
Figure 7.10 and Figure 7.11 show typical stress strain curves for concrete cylinders at 14 
and 160 days after casting, respectively. Ec calculated from Equation (7.1) is also shown 
in these figures. 
Figure 7.12 shows the variation of the compressive strength of the concrete cylinders 
with respect to curing time.  The concrete cylinders reached a peak compressive stress 
greater than 48.3 MPa (7.0 ksi) at 7 days after casting, but the specified compressive 
strength of 55.2 MPa (8.0 ksi) was not reached until 28 days after casting.  In addition, 
the average compressive strength of the concrete cylinders at 160 days after casting was 
equal to 68.2 MPa (9.89 ksi), 23.6 % larger than the specified compressive strength.  The 
post-peak region of the stress strain response was measured at 14 days after casting.  
From 21 days after casting, however, the post-peak region of the stress strain response 
could not be measured because of brittle failure of the concrete cylinders.  
 
7.4.2 MEASUREMENT OF GEOMETRIC IMPERFECTIONS OF TEST 
GIRDERS 
The initial geometric imperfection (out-of-straightness or sweep) of the tubes 
(compression flange) of both test girders (girder G1 and girder G4) was measured.  To 
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measure the out-of-straightness, the distance between one side of the tube and a reference 
line created by a laser was measured every 305 mm (12 in) along the span.  Figure 7.13 
shows measured out-of-straightness of the tubes of the two test girders.  In Figure 7.13, 
the x-axis represents the longitudinal distance along the test girder, measured from the 
east end, and the y-axis represents the out-of-straightness, treated as positive in the south 
direction.  As shown in this figure, the tube of girder G1 was displaced to the south 
direction, in single curvature, and the tube of girder G4 was displaced to the north near 
the east end and to the south near the west end, in double curvature. 
The LTB response of girder was expected to be controlled by the initial geometric 
imperfection shape of the tube (compression flange) so that only the tube out-of-
straightness was measured.  However, it was observed from the comparison between the 
experimental and analytical results, especially the lateral displacement results, that the 
LTB response of the test girders was affected by the initial geometric imperfection shapes 
of both the compression and tension flanges.  The details of these issues are discussed in 
Chapter 9. 
 
7.5 PRELIMINARY ANALYSES OF TEST GIRDERS 
Preliminary analyses of the test girders were conducted using ABAQUS Version 6.1 
(ABAQUS 2000).  Nonlinear load-displacement analyses, including both material and 
geometric nonlinearity, of FE models of the test girders were conducted to obtain the 
flexural strength of the test girders.  The modified Riks method was used.  As described 
before, for the tests under construction conditions, the test specimen consists of two 
adjacent test girders (girders G1 and G4) joined by either two end diaphragms and one 
interior diaphragm, or only two end diaphragms, depending on the test stage.  For the 
tests under service conditions, the test specimen consists of two adjacent test girders 
(girders G1 and G4) joined by only two end diaphragms, and a precast deck.  To simplify 
the preliminary analyses, only a single test girder was modeled and each girder was 
analyzed separately.  Note that the FE models described in this section are referred to as 
FE1 models for convenience. 
 
7.5.1 GENERAL MODEL DESCRIPTION 
A general description of the FE models used in the preliminary analyses is presented 
here.  The geometry, the elements (for the steel, the concrete, and the interface of the 
steel and concrete), the material properties of the steel and concrete, the boundary and 
loading conditions, and the initial geometric imperfection used in the FE models are 
described. 
 
Geometry 
The measured dimensions shown in Table 7.2 were used for the FE models of the 
test girders.   
 
Elements 
Similar to the FE models used in the parametric study described in Chapter 5, the 
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steel tube, web plate, and bottom flange plate were modeled using S4R shell elements.  
Stiffeners were modeled with S4R and S3R shell elements.  The concrete infill was 
modeled with C3D8R solid elements.  Uniaxial gap contact elements were used to model 
the interface between the steel tube and the concrete infill in the transverse direction.  The 
gap contact elements allow for the corresponding nodes of the steel tube elements and the 
concrete infill elements to be in contact or separated.  In the longitudinal direction, the 
steel tube was assumed to be bonded perfectly to the concrete infill. Therefore, the 
interface was modeled by constraining corresponding nodes of the steel tube elements 
and concrete infill elements to have equal longitudinal displacements. 
 
Steel Material Properties 
A linear elastic isotropic material model, defined by an elastic modulus of 200 GPa 
(29000 ksi) and Poisson’s ratio of 0.3 was used for the elastic range.  An isotropic 
plasticity model using Von Mises yield surface with an associated plastic flow rule was 
used for the inelastic range.  The hardening behavior of the plasticity model is defined by 
the uniaxial stress-strain relationship.  The uniaxial stress-strain relationship of the steel 
was modeled using an idealized stress-strain curve based on the experimentally measured 
data.  The idealized stress-strain curves of the tube, web, bottom flange, and stiffener 
steel consisted of two branches that were completely defined by four parameters, namely, 
the yield stress (σy), the elastic modulus (Es), the ultimate stress (σu), and the strain at 
ultimate stress (εu).  The first branch is linear elastic with Es equal to 200 GPa.  The 
second branch begins at the yield strain ( syy Eσ=ε ) and is linear until the point 
defined by the ultimate stress (σu), and the strain at ultimate stress (εu).  For the bottom 
flange plate, the average measured material properties shown in Table 7.4 were used as 
the values for the four parameters (σy, Es, σu, εu) to define the idealized stress-strain 
curve.  However, for the tube and web plate, εu was assumed to be same as εu of the 
bottom flange plate.  With σy, σu shown in Table 7.3 and Es equal to 200 GPa 
( syy Eσ=ε ), the idealized stress-strain curves were defined.  The idealized stress-strain 
curve of the stiffener steel is same as that of the bottom flange steel.  A comparison of the 
idealized and measured stress-strain curves for the bottom flange plate steel is shown 
Figure 7.14.  Figure 7.15 summarizes the idealized stress-strain curves of the tube, web 
plate, and bottom flange plate.  Residual stresses were not considered in the model.   
 
Concrete Material Properties 
The concrete material was modeled using an isotropic linear elastic model for the 
elastic range and a multiaxial plasticity model for the inelastic range.  For the isotropic 
linear elastic model, the elastic modulus was obtained from the Equation (7.1) and 
Poisson’s ratio was 0.2.  For the multiaxial plasticity model, a linear Drucker-Prager 
model with a non-associated flow rule, and isotropic hardening and softening behavior 
was used.  The properties of the linear Drucker-Prager model are defined by the stress-
strain curve under uniaxial compression, and three parameters, namely, the ratio of the 
yield stress in triaxial tension to the yield stress in triaxial compression (K), the friction 
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angle (β), and the dilation angle (ψ).  As discussed in Section 4.3.2, an empirical stress-
strain model for unconfined concrete developed by Oh (2002), called the OS model, was 
used as the idealized stress-strain curve under uniaxial compression for the concrete infill.  
The value of K was assumed to be 1.0.  Values of β and ψ were determined as discussed 
in Section 4.3.2, and 56.7 degrees and 15.0 degrees were used for β and  ψ, respectively.  
The details of concrete material model are discussed in Chapter 4.   
The idealized stress-strain curve (OS model) was compared with one of the measured 
stress-strain curves, obtained at 14 days after casting.  Figure 7.16 shows the results.  It 
was observed from this figure that: (1) the OS model is in good agreement with the 
measured data almost up to the peak stress, (2) the strain at the peak stress of the OS 
model is 13% larger than that of the measured data, and (3) the post-peak behavior of OS 
model is not in good agreement with that of measured data.  The ratio of the transverse 
strain to the axial strain at the peak stress (ηs0) used to determine the value of the dilation 
angle (ψ) was also compared to the measured data.  In Figure 7.17, the measured axial 
stress is plotted versus the ratio of the measured transverse strain to the measured axial 
strain (ηs).  The value of ηs0 equal to -0.40 that is proposed by Oh (2002) and the 
measured ηs0, which is -0.42, are also plotted in this figure.  The difference of these two 
values is about 5.0%.  Based on Figure 7.16 and Figure 7.17, OS model appears to be 
reasonable for an idealized stress-strain curve up to the peak concrete stress.   
Stage 1, Stage 2, Stage 3-1, and Stage 3-2 tests were conducted at 76, 77, 140, and 
149 days after the casting of the concrete infill, respectively.  However, the concrete 
cylinders were not tested at exactly these times.  A regression analysis, therefore, was 
conducted using the measured compressive strengths obtained at different times (7, 14, 
21, 28, and 160 days after casting) to estimate the compressive strength of the concrete 
on the test days.  A second order polynomial function was used for the regression 
analysis.  As shown in Figure 7.18, the estimated compressive strength of the concrete 
cylinders at 76 and 77 days is 63.4 MPa, which is 14.9% larger than the specified 
strength.  Similarly, the estimated compressive strength of the concrete cylinders at 140 
and 149 days is 68.3 MPa, which is 23.7% larger than the specified strength.  Based on 
these values, idealized stress-strain curves of the concrete infill for the Stage1 and Stage 
2 tests, and the Stage 3-1 and Stage 3-2 tests were defined and are summarized in Figure 
7.19.   
 
Boundary and Loading Conditions 
Appropriate boundary conditions were used to simulate the experimental boundary 
conditions in the FE models of the test girders.  As shown in Figure 7.20, simply 
supported boundary conditions were applied at the locations of the bearing stiffeners at 
both ends (denoted SUP1 and SUP2) as follows.  For the in-plane displacements, all the 
nodes of the bottom flange at SUP1 and SUP2 were restrained against vertical 
displacement (uy).  The centroidal node of the bottom flange at only SUP1 was restrained 
against longitudinal displacement (uz).  For the out-of-plane displacements, the centroidal 
nodes of the top and bottom flanges at SUP1 and SUP2 were restrained against lateral 
displacement (ux).  Note that the boundary conditions at SUP1 and SUP2 for the out-of-
plane displacements assumed that the friction between the bottom face of the bottom 
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flange and the support bearing, and the torsional stiffness provided by end diaphragm 
were infinitely rigid. 
A uniformly distributed load was applied on top of the tube along the entire length to 
simulate the self weight of the girder and loads produced by the deck and loading 
material during the tests as shown in Figure 7.20.  The load level was increased beyond 
the load level of the tests and increased until failure of the girder. 
 
Geometric Imperfections 
Idealized initial geometric imperfection shapes for the FE models of the test girders 
(girders G1 and G4) were defined by buckling modes obtained from an elastic buckling 
analysis.  Only the tube imperfections (out-of-straightness) were measured before the 
tests.  Therefore, to determine the idealized initial geometric imperfection shapes for the 
FE models, single buckling modes and combination of buckling modes obtained from the 
elastic buckling analysis were compared with the measured initial out-of-straightness of 
the tubes only. 
Figure 7.21 shows the out-of-straightness of the top (tube) and bottom flanges in the 
idealized initial geometric imperfection shape for girder G4 compared to the measured 
data.  The second elastic buckling mode shape with a scale factor equal to L/3500 
provides an idealized shape similar to the measured top flange shape over the west half of 
the girder.  The corresponding bottom flange shape from the second elastic buckling 
mode shape is shown in Figure 7.21.  A cross-section twist can be inferred from the 
difference in the lateral displacements of the top and bottom flanges.  Similarly, the out-
of-straightness of the top and bottom flanges in the idealized initial geometric 
imperfection shape for girder G1 are compared to the measured data in Figure 7.22.  A 
combination of the first, second, and third elastic buckling mode shapes with scale factors 
equal to L/2500, L/15000, and L/5500, respectively, provides an idealized initial 
geometric imperfection shape for girder G1 that is similar to the top flange shape.  Again, 
a cross-section twist can be inferred from the difference in the lateral displacements of 
the top and bottom flanges in the idealized initial geometric imperfection shape. 
 
7.5.2 STAGE 1 ANALYSES 
Interior Diaphragm Model 
The interior diaphragm was modeled with rotational spring element and rigid 
elements.  As shown in Figure 7.23, the rotational spring element was connected to one 
node of mid-span stiffener and rigid elements were used as an interface between the 
stiffener and the spring to prevent local deformation around the node connected to the 
spring.  The stiffness of the rotational spring element was estimated using Equation 
(6.26), which includes the discrete diaphragm stiffness ( bβ  from Equation (6.14)) and the 
flexural stiffness of the girder system ( gβ  from Equation (6.17) with 2n g = ). 
 
Analysis Results and Comments 
Only global results such as vertical deflection and lateral displacement of girders G1 
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and G4 are presented here.  For girder G1, the moment at the mid-span section versus the 
vertical deflection of the bottom flange at the mid-span section, and the moment at the 
mid-span section versus the lateral displacement of the tube flange at the mid-span 
section are plotted in Figure 7.24 and Figure 7.25, respectively.  The same results for 
girder G4 are plotted in Figure 7.26 and Figure 7.27, respectively.  However, for girder 
G4, the lateral displacements of the tube flange at the quarter-span and three quarter-span 
sections are also plotted in Figure 7.27.  In these figures, the yield moment, yM , and the 
plastic moment, pM , obtained from cross-section analyses, and the first yielding (FY), 
onset of instability (OI), and limit of instability (LI) limit states, defined in Chapter 4, are 
also plotted.  Note that OI represents the onset of instability, which is the state where the 
strain increment reverses direction due to lateral bending at any location on the cross-
section, FY represents first yielding at either the center of the bottom flange or on the 
tube, and LI represents the limit of instability, which is the point of maximum moment.  
Finally, the mid-span moment versus the mid-span bottom flange vertical deflection of 
girder G1 and girder G4 are compared in Figure 7.28. 
From these figures, the following observations were made: 
• The OI limit state occurs before the FY limit state for girder G1 while the OI limit 
state does not occur for girder G4. 
• Girder G1 fails by LTB so that moment at the LI limit state, LIM , is smaller than pM , 
while girder G4 fails by reaching the cross-section flexural capacity so that LIM  is 
very close to pM . 
• The displaced shapes of both girders at the LI limit state in lateral direction are 
similar to the initial imperfection shapes. 
• Up to the OI limit state for girder G1, both girders have similar in-plane bending 
behavior. 
 
For construction conditions, the flexural strength is the smaller of OIM  and FYM  as 
discussed in Section 5.5.  Stage 1 simulates construction conditions, so the FE analysis 
results for Stage 1 were compared with the design flexural strength for construction 
conditions, including the torsional brace stiffness, brdM  (see Section 6.5 for a discussion 
of brdM ).  Since the flexural strength from the FE model of girder G1 is smaller than that 
of girder G4, only the result from girder G1 was used in the comparison.  The results are 
shown in Figure 7.29.  It was observed from this figure that the flexural strength of test 
girder G1 with the Scheme 9 diaphragm arrangement under construction conditions can 
be conservatively estimated by the design flexural strength formulas considering torsional 
brace stiffness. 
 
7.5.3 STAGE 2 ANALYSES 
Analysis Results and Comments 
Similar to Stage 1, the moment at the mid-span section versus the vertical deflections 
and the lateral displacements of girder G1 and girder G4 are plotted.  For girder G1, the 
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vertical deflection of the bottom flange at the mid-span section and the lateral 
displacement of the tube flange at the mid-span section are shown in Figure 7.30 and 
Figure 7.31, respectively.  For girder G4, the vertical deflection of the bottom flange at 
the mid-span section is shown in Figure 7.32 and the lateral displacements of the tube 
flange at the quarter-span, mid-span, and three quarter-span sections are shown in Figure 
7.33.  yM  and pM  and the FY, OI, and LI limit states are also included in the figures.  
Finally, Figure 7.34 compares the mid-span bottom flange vertical deflections of girder 
G1 and girder G4. 
From these figures, the following observations were made: 
• The OI limit state occurs before the FY limit state for girder G1 while the OI limit 
state does not occur for girder G4. 
• Girder G1 fails by LTB so that moment at the LI limit state, LIM , is smaller than pM , 
while girder G4 fails by reaching the cross-section flexural capacity so that LIM  is 
very close to pM . 
• The displaced shapes of both girders at the LI limit state in lateral direction are 
similar to the initial imperfection shapes. 
• Up to the OI limit state for girder G1, both girders have similar in-plane bending 
behavior. 
 
It was additionally observed by comparing the Stage 1 and Stage 2 results for girder 
G4 that LIM  is identical.  For girder G1, however, LIM  for Stage 2 is much smaller than 
that for Stage 1.  These results show that the torsional bracing at mid-span does not 
influence the results for girder G4, because the lateral displacements at mid-span for 
Stage1 and Stage2 are very close to zero.  Again, for construction conditions, the flexural 
strength is the smaller of OIM  and FYM  as discussed in Section 5.5.  Stage 2 simulates 
construction conditions, so the FE analysis results for Stage 2 were compared with the 
ideal design flexural strength for construction conditions, dM  (see Section 5.5.2 for a 
discussion of dM ).  Note that in this stage, the span length (L) is same as the unbraced 
length (Lb) and dM  is same as 
br
dM , because torsional bracing is not provided.  Since the 
flexural strength from the FE model of girder G1 is smaller than that of girder G4, only 
girder G1 was used in the comparison.  The results are shown in Figure 7.35.  It was 
observed from this figure that that the flexural strength of test girder G1 with the Scheme 
10 diaphragm arrangement under construction conditions can be reasonably estimated by 
the ideal design flexural strength formulas. 
 
7.5.4 STAGE 3-1 AND STAGE 3-2 ANALYSES 
Precast Deck Model 
Half the width of the precast concrete deck and lateral bracing angles were included 
in the FE models of the Stage 3-1 and Stage 3-2 tests.  The precast concrete deck was 
modeled with beam elements.  Two lines of beam elements were placed along the entire 
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girder length, one line on each side of the girder at the location of the tube.  Each line of 
beam elements was constrained to have the same transverse displacement.  Half of the 
lateral (out-of-plane) bending stiffness of half the deck width was assigned to each beam 
element.  The vertical (in-plane) bending stiffness of the deck was neglected.  The lateral 
bracing angles were modeled with spring elements that were connected with each beam 
element at the location of the lateral bracing angles (six locations along the girder length) 
on both sides and oriented in the transverse direction.  The stiffness of the spring 
elements was estimated according to the number of angles (either one angle or two 
angles).  The details of the lateral bracing angles are explained in Chapter 8.  The 
interface between the bracing angles and the tube was modeled by uniaxial gap contact 
elements with zero gap size.  The gap contact elements allow for the nodes to be in 
contact or separated.  Figure 7.36 shows the FE models of deck and lateral bracing 
angles.  
 
Analysis Results and Comments 
Only the results for girder G1 are shown, because very similar results were obtained 
for both girders (G1 and G4), even though the initial geometric imperfection shapes of 
the girders were different. 
The moment at the mid-span section versus the vertical deflection of the bottom 
flange at the mid-span section, and the moment at the mid-span section versus the lateral 
displacement of the tube flange at the mid-span section are plotted in Figure 7.37 and 
Figure 7.38, respectively.  In these figures, yM  and pM  and the FY, OI, and LI limit 
states are also plotted.   
From these figures, the following observations were made: 
• The lateral displacements of girders G1 and G4 at the LI limit state are very small 
and can be neglected. 
• The OI limit state doest not occur for girders G1 and G4. 
• Girders G1 and G4 fail by reaching the cross-section flexural capacity so that LIM  is 
very close to pM . 
• The lateral bracing angles that connect the girders to the deck increase the flexural 
strength of both girders so that LTB does not occur. 
 
For service conditions, the flexural strength is LIM  as discussed in Section 5.5.  The 
Stage 3-1 and Stage 3-2 tests simulate service conditions, so the FE analysis results for 
the Stage 3-1 and Stage 3-2 tests were compared with the ideal design flexural strength 
for service conditions, dM .  Note that the lateral bracing angle locations are assumed to 
be perfectly braced laterally and torsionally.  The results are shown in Figure 7.39.  It 
was observed from this figure that that the flexural strength of test girder G1 with the 
Scheme 10 diaphragm arrangement under service conditions can be accurately estimated 
by the ideal design flexural strength formulas. 
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Table 7.1  Nominal dimensions and material properties of full scale and test girders 
Equivalent girder Test girder
(full scale) (45% scale)
end section mid section
Ltotal, m(ft) 18.3 (60.0)
L, m(ft) 8.0 (26.2) 24.0 (78.7) 40.0 (131.2) 18.0 (59.0)
Dtube, mm(in) 508 (20.0) 508 (20.0) 559 (22.0) 254 (10.0)
Ttube, mm(in) 15.2 (0.6) 15.2 (0.6) 16.9 (0.667) 7.6 (0.3)
Dweb, mm(in) 1120 (44.0) 1120 (44.0) 991 (39.0) 446 (17.55)
Tweb, mm(in) 12.7 (0.5) 19.1 (0.75) 14.3 (0.563) 6.4 (0.25)
Bbf, mm(in) 533 (21.0) 533 (21.0) 508 (20.0) 229 (9.0)
Tbf, mm(in) 38.1 (1.5) 19.1 (0.75) 42.9 (1.688) 19.1 (0.75)
Fy, MPa(ksi) 690 (100) 690 (100) 690 (100) 690 (100)
fc', MPa(ksi) 55.2 (8.0) 55.2 (8.0) 55.2 (8.0) 55.2 (8.0)
Optimized girder
(full scale)
 
 
Table 7.2  Measured dimensions of test girders 
Nominal
G1 G4 dimensions
Ltotal, m(ft) 18.3 (60.0) 18.3(60.0) 18.3 (60.0)
L, m(ft) 18.0 (59.0) 18.0(59.0) 18.0 (59.0)
Dtube, mm(in) 251 (9.9) 254 (10.0) 254 (10.0)
Ttube, mm(in) 7.6 (0.3) 7.6 (0.3) 7.6 (0.3)
Dweb, mm(in) 445 (17.5) 445 (17.5) 446 (17.55)
Tweb, mm(in) 6.4 (0.25) 6.4 (0.25) 6.4 (0.25)
Bbf, mm(in) 232 (9.13) 232 (9.13) 229 (9.0)
Tbf, mm(in) 19 (0.75) 19 (0.75) 19.1 (0.75)
Measured dimensions
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Table 7.3  Average material properties of tube (Gross and Stout 2001), and web and 
bottom flange plates (mill reports) 
σy σu
MPa (ksi) MPa (ksi)
Tube 793 (115) 855 (124) 0.93
Web 786 (114) 841 (122) 0.93
Bottom flange 772 (112) 827 (120) 0.93
Material Y/T
 
 
 
Table 7.4  Average measured material properties of bottom flange plate (Salem 2003) 
Es σy σu εu
GPa (ksi) MPa (ksi) MPa (ksi)  (mm/mm)
200 (28800) 779 (113) 841 (122) 0.93 0.072
Y/T
 
 
 
Table 7.5  Material properties determined from tests of concrete cylinders 
Curing Cylinder Ec fc' εuc
time (day) number GPa (ksi) MPa (ksi) mm/mm
1 36.2 (5250) 49.3 (7.15) *
2 35.9 (5207) 48.6 (7.05) *
3 36.1 (5236) 49.0 (7.10) *
1 37.7 (5468) 53.6 (7.77) 0.00223
2 37.6 (5453) 53.2 (7.71) 0.00221
3 37.7 (5468) 53.6 (7.77) 0.00223
1 38.2 (5540) 54.9 (7.97) 0.0018
2 38.2 (5540) 54.9 (7.96) 0.0021
3 37.9 (5497) 54.2 (7.86) 0.00195
1 38.1 (5526) 54.7 (7.93) 0.00176
2 37.4 (5424) 52.6 (7.63) 0.00176
3 37.7 (5468) 53.7 (7.78) 0.00204
1 41.9 (6077) 66.2 (9.61) 0.00189
2 42.6 (6178) 68.4 (9.93) 0.00169
3 43.1 (6251) 69.9 (10.14) 0.00193
160
7
14
21
28
 
 166
Stage 1 test:
construction conditions with
Scheme 9 diaphragm arrangement
and without bracing by deck
Stage 2 test:
construction conditions with
Scheme 10 diaphragm arrangement
and without bracing by deck
Stage 3-1 and 3-2 tests:
service conditions with
Scheme 10 diaphragm arrangement
and with bracing by deck
 
 
 
Figure 7.1  Schematic drawings of test specimen under each test condition 
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Figure 7.2  Nominal geometry of test girders 
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(b) at intermediate stiffeners (St2) and 
bearing stiffeners (St3)
(a) at intermediate stiffeners (St1)
Stiffener thickness = 19.1 mm
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Figure 7.3  Nominal cross-section of test girders with nominal stiffener geometry 
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Figure 7.4  Nominal diaphragm geometry 
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(b) at intermediate stiffeners (St2) and 
bearing stiffeners (St3)
(a) at intermediate stiffeners (St1)
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Figure 7.5  Stiffener fillet welds 
 
 
 
 
 
 
 
   
                  (a) Pumping side                                                    (b) Air side 
 
Figure 7.6  End details for pumping concrete in steel tubes of test girders 
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Figure 7.7  Pumping concrete into steel tubes of test girders 
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Figure 7.8  Typical measured stress strain curve for bottom flange plate (Salem 2003) 
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Figure 7.9  Concrete cylinder test using LVDT ring frame 
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Figure 7.10  Typical stress strain curve for concrete cylinder at 14 days after casting 
Axial LVDT 
(one more on 
opposite side) 
Lateral LVDT 
LVDT for control
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Figure 7.11  Typical stress strain curve for concrete cylinder at 160 days after casting 
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Figure 7.12  Compressive strength of concrete cylinders with respect to curing time 
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Figure 7.13  Measured out-of-straightness of compression flange of test girders 
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Figure 7.14  Idealized and measured stress-strain curves for bottom flange plate  
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Figure 7.15  Idealized stress-strain curves for tube, web plate, and bottom flange plate 
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Figure 7.16  Idealized and measured stress-strain curves at 14 days after casting 
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Figure 7.17  Comparison of ηs0 proposed by Oh (2002) with measured data 
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Figure 7.18  Compressive strengths of concrete cylinders at test days 
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Figure 7.19  Idealized stress-strain curves of concrete infill 
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Figure 7.20  Boundary and loading conditions for FE models 
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Figure 7.21  Initial geometric imperfections of G4 
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Figure 7.22  Initial geometric imperfections of G1 
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Figure 7.23  FE model of interior diaphragm 
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Figure 7.24  Moment versus vertical deflection of G1 at mid-span section (Stage 1) 
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Figure 7.25  Moment versus lateral displacement of G1 at mid-span section (Stage 1) 
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Figure 7.26  Moment versus vertical deflection of G4 at mid-span section (Stage 1) 
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Figure 7.27  Moment versus lateral displacement of G4 at quarter-span, mid-span, and 
three quarter-span (Stage 1) 
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Figure 7.28  Comparison of vertical deflection at mid-span for G1 and G4 (Stage 1) 
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Figure 7.29  Comparison of FE model and design flexural strengths of G1 (Stage 1) 
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Figure 7.30  Moment versus vertical deflection of G1 at mid-span section (Stage 2) 
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Figure 7.31  Moment versus lateral displacement of G1 at mid-span section (Stage 2) 
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Figure 7.32  Moment versus vertical deflection of G4 at mid-span section (Stage 2) 
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Figure 7.33  Moment versus lateral displacement of G4 at quarter-span, mid-span, and 
three quarter-span (Stage 2) 
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Figure 7.34  Comparison of G1 and G4 for vertical deflection at mid-span (Stage 2) 
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Figure 7.35  Comparison of FE model and ideal design flexural strengths of G1  (Stage 2) 
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Figure 7.36  FE model of deck and lateral bracing angles 
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Figure 7.37  Moment versus vertical deflection of G1 at mid-span section                  
(Stages3-1 and 3-2) 
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Figure 7.38  Moment versus lateral displacement of G1 at mid-span section         
(Stages3-1 and 3-2) 
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Figure 7.39  Comparison of FE model and ideal design flexural strengths of G1          
(Stages 3-1 and 3-2) 
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CHAPTER 8  
TEST SETUP, PROCEDURE, AND INSTRUMENTATION 
 
8.1 INTRODUCTION 
In the previous chapter, the experimental program and the test specimen were 
described.  For the tests under construction conditions, the test specimen consists of two 
test girders and either two end diaphragms and one interior diaphragm or two end 
diaphragms only.  For the tests under service conditions, the test specimen consists of two 
test girders, two end diaphragms, and a precast concrete deck.  Information on the test 
girders, including the material characteristics of the steel and concrete, and geometric 
imperfections, was described in detail.  Finally, the results of preliminary analysis of 
finite element (FE) models of the test girders were presented.   
In this chapter, the test setup, procedure, and instrumentation are discussed.  In 
Section 8.2, components of the test setup, including footings, pedestal beams, bearings, 
precast concrete deck (again, this is a part of the test specimen for the tests under service 
conditions), and safety supports are discussed.  The method of loading used in the tests is 
also discussed in this section.  In Section 8.3, the test procedures used for the construction 
condition (Stage 1 and Stage 2) tests and service condition (Stage 3-1 and Stage 3-2) tests 
are discussed.  The loading conditions used in the tests are also discussed in this section.  
Finally, in Section 8.4, the instrumentation used in the tests is described.  
 
8.2 TEST SETUP 
The tests were conducted outdoors in a vacant parking lot north of the Advanced 
Technology for Large Structural Systems (ATLSS) Research Center at Lehigh University, 
due to the size of the test specimen and lack of space in the lab.  Figure 8.1 shows the 
test location.  The configuration of the test area is shown in Figure 8.2.  The test 
specimen was located near the north side of the lot and spanned in the east-west direction.  
Concrete blocks, used to load the specimen, a mobile office that was used to house the 
data acquisition system, and a junction box that was used to protect the cable terminals 
are shown in Figure 8.2.  During the tests, a crane was located south of the test specimen.  
The crane was used to handle the precast concrete deck panels and the loading blocks 
during the tests.   
 
8.2.1 FOOTINGS AND PEDESTAL BEAMS 
The vacant parking lot used as the test area, shown in Figure 8.1 and Figure 8.2, has 
an asphalt surface that was considered satisfactory to support a footing constructed at 
each end of the test specimen.  A pedestal beam, oriented in the transverse direction of 
the test specimen, was located at the middle and on top of each footing to support the 
bearings. 
The footings were designed as continuous footings, assuming that loads from the 
pedestal beam were uniformly distributed along the length of the pedestal beam and the 
footing, which had the same length in the transverse direction of the test specimen.  The 
footing sizes were determined from expected total loads and the estimated bearing 
strength of the asphalt surface.  The maximum bending moment and shear force at critical 
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sections were considered to determine the required area of reinforcing steel and the depth 
of the footing.  The development length of the reinforcing steel and shrinkage and 
temperature reinforcement were also considered.  Concrete with 35 MPa (5 ksi) 
compressive strength and steel reinforcement with 414 MPa (60 ksi) yield stress were 
used for the footings.   
The pedestal beams were designed with a pair of bearing stiffeners at the locations 
where the test girders were supported.  Eight 19.1 mm (0.75 in) diameter headed studs 
were welded to bottom flange of each pedestal beam and embedded into each footing.  
The pedestal beams had a yield stress of 248 MPa (36 ksi).  Figure 8.3 shows the design 
of the footings and the pedestal beams.   
The asphalt surface of the test area was not level in all directions.  This resulted in a 
varying footing depth in all directions for each footing, as well as between two footings.  
Each pedestal beam was installed and leveled before the concrete was poured.  Figure 
8.4 shows a photograph of the footings and the pedestal beams after construction.  The 
distance between the centers of the footings and between the centers of the pedestal 
beams was 18.0 m (59 ft), which is identical to the span of the test girders. 
 
8.2.2 SUPPORT BEARINGS 
Simply supported boundary conditions were provided at the bearing stiffener 
locations of the test specimen by using 152 mm (6 in) diameter solid steel rollers with a 
690 MPa (100 ksi) nominal yield stress.  Each roller was placed between two 50 mm (2 
in) thick steel bearing plates, which had a 690 MPa (100 ksi) nominal yield stress.  The 
rollers and the bearing plates directly support the test specimen and transmit the loads to 
the pedestal beams.  The movement in the longitudinal direction of the west end rollers 
was constrained by steel angles clamped to the pedestal beam, to simulate a pin condition 
while the east end rollers were free to move in the longitudinal direction as shown in 
Figure 8.5. 
 
8.2.3 PRECAST CONCRETE DECK 
As mentioned in Chapter 3, the dimensions of the concrete deck of the prototype 
bridge were 15.2 m (50 ft) wide, 40 m (131.1 ft) long, and 254 mm (10 in) thick.  The 
0.45-scale dimensions of the prototype concrete deck were 6.8 m (22.5 ft) wide, 18.3 m 
(59.0 ft) long, and 114 mm (4.5 in) thick.  Since the test specimen consisted of only two 
girders, the 0.45-scale deck for the two girders was 3.4 m (11.25 ft) wide.  However, as 
the scale factor is applied, the dimensions scale differently than the weight, so the dead 
load of the 0.45-scale deck is more reduced than the dimensions.  Therefore additional 
dead load was applied to compensate for the deck dead load reduction in the scaled 
model.  Some of the dead load was compensated by increasing the width and the 
thickness of the concrete deck.  The width and thickness of concrete deck for the test 
setup were 4.0 m (13 ft) and 152 mm (6 in), respectively.  The remaining dead load was 
compensated by applying load using loading blocks. 
The concrete deck was designed to consist of six precast panels in the longitudinal 
direction of the test girders.  The precast concrete deck was considered to be more 
efficient for the non-composite bridge system studied in the experiments than a site-cast 
concrete deck.  The numbers of panel were selected based on handling and delivery 
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conditions.  Each precast concrete panel was 152 mm (6 in) thick, 4.0 m (13 ft) wide, and 
3 m (10 ft) long. 
The concrete deck was supported by the two girders along the longitudinal direction 
as shown in Figure 8.6.  In the transverse direction, which is perpendicular to the girders, 
the deck was only structure to carry the loads.  For a purpose of design in the transverse 
direction, a unit strip denoted by S, as shown in Figure 8.6, was analyzed as a beam.  
Based on this analysis, pre-tensioning was designed to prevent cracking in the transverse 
direction (i.e., longitudinally oriented cracks).  12.7 mm (0.5 in) diameter (special) 7-wire 
low-relaxation prestressing strands with 1860 MPa (270 ksi) tensile strength were used in 
the transverse direction.  The each panel was designed with 8 strands in the upper layer 
and 8 strands in the lower layer with equal spacing in the longitudinal direction of the test 
girders.  75% of the tensile strength was the pre-tensioning stress.  All six panels had an 
identical configuration of pre-tensioning strands.  Figure 8.7 shows the details of the pre-
tensioning strands. 
As mentioned in Chapter 7, for the tests under service conditions (Stage 3-1 and 
Stage 3-2), lateral movement of the girders was restrained by the deck.  Therefore the 
deck was required to have enough stiffness in the transverse direction.  That is, the deck 
was intended to behave as a stiff horizontal beam spanning between the end diaphragms.  
Post-tensioning of the deck in the longitudinal direction with grouting of the joints 
between the deck panels was used to create this stiff beam behavior.  Details of the lateral 
bracing angles that connected the deck to the test girders and of the grouting are 
presented in Section 8.3.2.   
For design of the longitudinal post-tensioning, lateral bracing forces were estimated 
from analysis of FE models of the test girders under service conditions developed in 
Chapter 7.  The lateral bracing angles transmit the lateral forces required to restrain 
lateral movement of the girders, to the deck.  Different numbers and arrangements of 
lateral bracing angles and different imperfection shapes for the girders were examined to 
estimate the lateral forces.  Based on the results of the parametric study, it was decided to 
use 15.2 mm (0.6 in) diameter 7-wire low-relaxation prestressing strands with 1860 MPa 
(270 ksi) tensile strength for the longitudinal post-tensioning.  Nine post-tensioning 
strands were designed to run parallel to the girders.  The strands were located at center of 
the deck thickness with equal spacing in the transverse direction.  70% of the tensile 
strength was used for the post-tensioning stress.  44.5 mm (1.75 in) outside diameter 
post-tensioning strand ducts were installed inside of each deck panel.  The post-
tensioning strands were left unbonded.  All six panels had an identical configuration of 
ducts.  The detailed dimensions and locations of the ducts are shown in Figure 8.7. 
Welded wire reinforcement (WWR) was also included in the deck panels, mainly for 
the construction condition tests.  For the Stage 1 and Stage 2 tests, each panel was 
supported by only four wood shims sitting on the two girders (two shims per panel for 
each girder).  To increase the flexural strength of each panel in the longitudinal direction 
as well as in transverse direction during the Stage 1 and Stage 2 tests, 6×6-W2.9×W2.9 
WWR, with a 152 mm (6 in) spacing in the longitudinal and transverse directions and 
4.88 mm (0.192 in) wire diameter, was included in the panels.  An upper layer and a 
lower layer were used as shown in Figure 8.7. 
As mentioned before, for the Stage 3-1 and Stage 3-2 tests, the deck was connected 
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to the test girders with lateral bracing angles to restrain the lateral movement of the 
girders.  In order to connect the deck to the lateral bracing angles, steel plates were 
embedded into all the panels.  The bottom faces of the steel plates were exposed on the 
bottom surface of the deck panels so that the lateral bracing angles could be welded to the 
embedded steel plates.  Each plate had eight 19.1 mm (0.75 in) diameter headed studs to 
resist tension, shear, or a combination of tension and shear, produced by the restraining 
the relative movement between the deck and girders.  The locations of the steel plates 
were identical with those of the lateral bracing angles in the longitudinal direction.  Three 
types of panels (denoted Type A, Type B, and Type C) were designed differently 
according to the locations and numbers of steel plates.  The Type A panels, located near 
mid-span, had two sets of steel plates near the middle of each panel (Figure 8.7(a)).  The 
Type B panels, between the Type A panels and the Type C panels, had one set of steel 
plates near the middle of each panel (Figure 8.7(b)).  The Type C panels, located near 
the ends of the test girders, had two sets of steel plates located near the bearing stiffeners 
and end diaphragms of the test girders (Figure 8.7(c)).  The steel plates had 248 MPa (36 
ksi) yield stress, and were 178 mm (7 in) wide, 762 mm (30in) long, and 12.7 mm (0.5 
in) thick.  The eight 19.1 mm (0.75 in) diameter headed studs on each plate were 106 mm 
(4.1875 in) long.  The locations of the embedded steel plates are shown in Figure 8.7.  
Four P-52 Swift Lift Anchors of 95 mm (3.75 in) length were used as lifting devices for 
each panel as shown in Figure 8.7.  Figure 8.8 shows the arrangement of the deck panels 
over the span. 
The precast concrete deck panels were fabricated by High Concrete Structures, Inc. 
located in Denver, Pennsylvania.  One set of the three different type panels was 
fabricated first.  Forms were made and positioned in a line so all three panels could be 
pre-tensioned at the same time.  After placing the steel plates with welded headed studs 
and the lower layer of WWR, the lower layer of strands was installed on top of the WWR 
and stretched between anchorages that are a permanent part of the precast plant facility.  
The ducts for post-tensioning were placed next.  After that, the upper layer of strands was 
installed and prestressed in the same way as the lower layer of strands.  The upper layer 
of WWR was placed last, followed by casting the concrete and inserting the lifting 
anchors.  The prestressing strands cut one day after casting.  The second set of three 
different type panels was fabricated in the same way.  Figure 8.9 and Figure 8.10 shows 
the deck panels before and after concrete was cast, respectively. 
 
8.2.4 SAFETY SUPPORTS 
In order to prevent sudden collapse of the test specimen if the failure load was 
reached unexpectedly, safety supports were constructed under the test specimen at the 
quarter-span and three quarter-span locations.  The safety supports consisted of concrete 
mats and steel beams as shown in Figure 8.11.  Gaps between the bottom of the bottom 
flanges of the test girders and the top of the safety supports were larger than the expected 
maximum vertical deflections at these locations.   
 
8.2.5 LOADING BLOCKS 
Concrete blocks and steel blocks were used to apply the loads during the tests.  120 
concrete blocks and 5 steel blocks were available for use.  Nominal dimensions and 
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weights of the concrete blocks and steel blocks are shown in Table 8.1.  The weights of 
each concrete block and the steel block were measured more accurately using a load cell 
(3156-154-50K) manufactured by Lebow Products, Inc., as shown in Figure 8.12.  Table 
8.2 shows the measured weight of the concrete blocks and the steel blocks.  Each 
concrete block and steel block was given a unique identifier to distinguish them.  The 
arrangements of the concrete blocks and the steel blocks used in the tests are explained 
later. 
 
8.3 TEST PROCEDURE 
All the tests (Stage 1, Stage 2, Stage 3-1, and Stage 3-2) were conducted in sequence 
starting from Stage 1. 
 
8.3.1 SETUP FOR STAGE 1 AND STAGE 2 TESTS 
The Stage 1 and Stage 2 tests simulated construction conditions, in particular they 
simulated the deck placement stage of construction.  Although the deck panels were 
precast, they were placed on the test girders in a way that minimized their restraint of the 
test girders, to simulate the placement of fresh concrete.   
Each test began with the six individual precast deck panels placed on top of the 
girders.  Each panel was placed on four wood shims that were placed on top of the girders 
(two shims per panel for each girder) without any connection between the panels, to 
permit the test girders to move freely in the lateral direction.  Figure 8.13 shows the 
placement of the wood shims.  The locations of the wood shims were designed to 
minimize bending moments in each panel.  The top face of the shims was flat to make 
contact with the deck panels and the bottom face of the shims was rounded to make 
contact with the tubes.  The wood shims were 102 mm (4 in) wide, 102 mm (4 in) long, 
and 25.4 mm (1 in) thick at their minimum thickness.  To minimize friction between the 
deck panels and the wood shims in both the transverse direction and longitudinal 
direction, Teflon was inserted between them.  A 50 ton hydraulic crane (TMS700B), 
manufactured by Grove Crane, was used to place all the panels as shown in Figure 8.14.   
For the Stage 1 and Stage 2 tests, eight concrete blocks, two blocks in the transverse 
direction and four blocks in the longitudinal direction, were arranged on each panel.  The 
weight of one of the two blocks in the transverse direction was assumed to act on each 
girder of the test specimen.  To transfer the loads caused by the blocks down to the deck, 
wood cribbing was used as shown in Figure 8.15.  The longitudinal members of the 
wood cribbing were parallel to the girders.  Two longitudinal members transferred load to 
a single girder, and were spaced equidistantly from the girder.  The cribbing included 
transverse wood pieces to help control the block spacing in the longitudinal direction.  An 
example of the placement of concrete blocks in the two panels near mid-span is also 
shown in Figure 8.15.  The concrete blocks on the other panels were placed in the same 
way.   
Figure 8.16 shows the test setup for the Stage 1 and Stage 2 tests.  The test setup for 
the Stage 1 test was exactly same as that of the Stage 2 test except the interior diaphragm 
at mid-span for the Stage 1 test was removed for the Stage 2 test.  Figure 8.17 shows 
inside views of the test specimen for the Stage 1 and Stage 2 tests, respectively.  After the 
Stage 1 test, the interior diaphragm was detached from the test specimen and the Stage 2 
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test was conducted. 
 
8.3.2 SETUP FOR STAGE 3-1 AND STAGE 3-2 TESTS 
The Stage 3-1 and Stage 3-2 tests simulated maximum loading under service 
conditions.  The test girders were designed to be non-composite.  Therefore, the 
attachment of the deck to the girders was designed to provide bracing to the girders but 
not create composite action. 
After the Stage 2 test, the deck was made continuous longitudinally, rather than 
being individual panels, and attached to the girders.  First the panels were leveled to 
eliminate eccentricity when the panels were post-tensioned longitudinally.  Additional 
wood shims were inserted between the deck panels and girders at mid-span to overcome 
the difference in the vertical deflection of the girders along the girder length caused by 
the weight of the girders and the deck panels. 
The gaps between the panels were grouted using hydrostone and the panels were 
post-tensioned longitudinally to form a single unit as shown in Figure 8.18 and Figure 
8.19, respectively.  Each post-tensioning strand was positioned at the center of each duct 
and anchored at the each end of the deck using bearing plates.  The bearing plates had a 
hole with the same diameter as the ducts.  A monostrand anchor head and a 3 piece 
wedge were used for each strand.  The strands were tensioned using stressing unit on the 
west end as shown in Figure 8.19.   
A haunch was made by grouting between the deck panels and the girders along the 
girder length as shown in Figure 8.20.  Plastic sheets were placed between the grout and 
the top of the girders to minimize composite action between the deck and the tubular 
flanges from bond and friction.  Welded wire reinforcement (WWR) was used within the 
haunch to control cracking. 
To simulate lateral bracing of the girders by the deck, lateral bracing angles were 
used.  Two different types of lateral bracing angles were used as shown in Figure 8.21.  
Type 1, which has smaller depth, was used near the ends of the span and Type 2, which 
has larger depth, was used near the mid-span because the haunch between the deck and 
the tubes was greater near mid-span.  The depth of the lateral bracing angles was 
designed to be larger than the distance between bottom face of the deck and center of the 
tube.  The lateral bracing angles were located on each side of each girder in the transverse 
direction, at the location of the embedded steel plates in the longitudinal direction.  The 
top plates of the lateral bracing angles were welded to the steel plates embedded in the 
deck panels.  The vertical plates of the lateral bracing angles were placed with a gap of 
approximately 1.6 mm (1/16 in) from the tubes for the Stage 3-1 test.  Note that a gap of 
1.6 mm was the goal, which was not achieved.  The gaps were measured to be between 
3.2 mm (1/8 in) and 4.8 mm (3/16 in).  The lateral bracing angles transmitted the lateral 
forces from restraining the lateral movement of the girders to the deck.  Teflon was used 
to minimize a friction between tubes and lateral bracing angles in the longitudinal 
direction.  Figure 8.22 shows a typical lateral bracing angle.  This bracing system 
simulated a non-composite girder, braced by the deck using a minimum number of 
attachments (e.g., shear studs). 
The Stage 3-1 and Stage 3-2 tests used different arrangement of wood cribbing than 
that used for the Stage 1 and Stage 2 tests, because more concrete blocks in one layer in 
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the longitudinal direction were required for the Stage 3-1 and Stage 3-2 tests.  Figure 
8.23 shows the wood cribbing and the typical placement of the concrete blocks for the 
Stage 3-1 and Stage 3-2 tests.  The three sets of concrete blocks (with each set including 
two concrete blocks in the transverse direction) were placed between two transverse 
wood pieces near the mid-span.  In other regions, two sets of concrete blocks were placed 
between two transverse wood pieces. 
Note that, as described before, unexpected lateral displacements were observed 
during the Stage 3-1 test, and, therefore, this test was terminated early.  A second test 
under service conditions (Stage 3-2) was conducted subsequently.  The Stage 3-2 test was 
conducted after modifying the lateral bracing angles.  Instead of introducing a small gap 
between the lateral bracing angles and the tubes, as done before the Stage 3-1 test, the 
lateral bracing angles were modified to be in contact with the tubes before the Stage 3-2 
test.  Small pieces of steel, which were in contact with the tubes, were welded to both 
edges (East-West edges) of the vertical plate of the existing lateral bracing angles.  
Figure 8.24 shows the modified lateral bracing angle.  Note that, as in the Stage 3-1 test, 
Teflon was used between the tubes and the modified bracing angles.   
 
8.3.3 TEST LOADS 
Loads during the tests were produced by placing loading blocks (concrete and steel 
blocks) on the precast deck.  The loads were based on the factored design load, and 
design flexural strength presented in Chapter 7.  The maximum moment (moment at the 
mid-span section) produced by the test loads as well as the girder self-weight and the 
deck weight were compared with those produced by the factored design loads 
( constM , IstrengthM , and IIserviceM ), the design flexural strength (either the ideal design 
flexural strength, dM , or the design flexural strength considering torsional brace stiffness, 
br
dM ), and the cross-section flexural capacities (e.g., the yield moment, yM  and the 
plastic moment, pM ) and are summarized in Table 8.3.   
In Table 8.3, “strength I” represents the set of loading conditions that represents the 
maximum loading under normal use of the bridge (service conditions), “service II” is the 
set of loading conditions (that develop under normal service conditions) under which 
yielding and permanent deformation of the steel structure is to be prevented, and “const” 
represents the set of loading conditions that occur in the incomplete bridge under 
construction (see AASHTO 1998).  IstrengthM , IIserviceM , and constM  are the maximum 
moments (at mid-span) under these loading conditions.  The diaphragm arrangement for 
each test stage is also described in Table 8.3. 
From the information in Table 8.3, the number and spacing of the loading blocks 
were decided.  For all the tests, one layer of concrete blocks did not produce sufficient 
load, so additional loading blocks were placed in a second layer and a third layer of 
blocks after the first layer of blocks was placed.  As mentioned before, the concrete 
blocks were placed two across on the deck so that the weight of one block could be 
assumed to act on each girder of the test specimen.  When they were used, the steel 
loading blocks were placed on top of the concrete blocks, and located with the steel 
blocks centered on the deck in transverse direction, so that half the weight of one block 
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could be assumed to act on each girder of the test specimen.   
Figure 8.25 shows the arrangement of loading blocks for all the tests.  Note that in 
this figure, the shaded blocks in the third layer for the Stage 3-1 and Stage 3-2 tests 
represent steel blocks and the others represent concrete blocks.  Additionally, each 
concrete block shown in Figure 8.25 represents two blocks in transverse direction and 
each steel block represents one block.  The number shown in each block in Figure 8.25 
represents the order that the blocks were placed on the deck.  For the Stage 1 and Stage 2 
tests, the placement of the loading blocks was started from mid-span and continued to 
both ends with a symmetrical pattern.  The pattern used in this placement sequence was 
influenced by the support conditions of each deck panel.  Each panel was supported by 
four wood shims as described before.  Therefore, the loading blocks were placed toward 
the middle of each deck panel first, to prevent the possibility of tilting the deck panel.  
For the Stage 3-1 and Stage 3-2 tests, the loading blocks were placed starting from mid-
span to both ends symmetrically without using the pattern considered for the Stage 1 and 
Stage 2 tests due to the continuous support of the deck by the haunch.  Figure 8.26 shows 
the typical placement of loading blocks.  Note that two concrete blocks oriented in the 
transverse direction were placed on the deck by the crane at the same time as shown in 
Figure 8.26.  Figure 8.27 shows the final loading conditions for all tests.  Note the block 
numbers shown in Figure 8.27 correspond to those shown in Table 8.2. 
 
8.3.4 DETERMINATION OF BENDING MOMENTS FROM TEST LOADS 
At the load level applied in the Stage 1 test, for which the maximum moment 
produced by the girder self-weight, the deck weight, and the weight of the loading blocks 
is smaller than yM , all cross-sections of the test girders were expected to remain linear 
elastic, so that the bending moment could be calculated from the measured strain values 
using beam theory.  According to beam theory, the longitudinal strain over the cross-
section varies linearly with the distance from the neutral axis and the longitudinal strain 
at any distance y  from the neutral axis varies linearly with the bending moment in the 
cross-section as follows: 
ε=
y
IEM                                                                                                                 (8.1) 
where M  is the bending moment, E  is the elastic modulus of steel, I  is the moment of 
inertia of the cross-section with respect to the neutral axis, and ε  is the longitudinal strain 
at distance y  from the neutral axis.  After investigating the experimental strain data, 
however, it was observed that the strain data was not linear with the moment calculated 
from static equilibrium (see Section 9.5.1), most likely because of residual stresses, that 
cause partial yielding of the material in the cross-section.  Therefore, the bending 
moments for the Stage 1 test were calculated from static equilibrium, using the measured 
weights of the individual loading blocks, rather than from Equation (8.1).  The bending 
moments for the Stage 2 test were also calculated from static equilibrium.   
For the Stage 3-1 and Stage 3-2 tests, it was found from the test results that the deck 
has a contribution to resisting the applied moment from the loading blocks, even though 
it was not composite with the test girders.  Therefore, two test girder bending moment 
results that characterize the deck contribution were defined as follows: (1) without deck 
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contribution, and (2) with deck contribution.  For the bending moment without the deck 
contribution, all the load from the loading blocks was assumed to be carried by the test 
girders and the test girder bending moment was calculated from static equilibrium 
without any modification.  For the bending moment with deck contribution, the deck was 
assumed to remain linear elastic and the estimated deck contribution was subtracted from 
the total bending moment calculated from static equilibrium to determine the test girder 
bending moment.  The deck contribution was estimated by multiplying the total bending 
moment calculated from static equilibrium by the ratio of dd IE  to ggdd IEIE + , where 
dE , dI , gE , and gI  are the elastic modulus of the deck, the moment of inertia of the deck, 
the elastic modulus of the steel, and the moment of inertia of the transformed girder 
cross-section (i.e., the concrete in the steel tube was transformed to an equivalent area of 
steel using the modular ratio), respectively.  Note that assuming that the deck remains 
linear elastic results in an overestimate of the deck contribution when the deck becomes 
nonlinear.   
Additionally, the effect of friction between the deck and the tubular flanges in 
longitudinal direction, which was not expected to be significant but was observed from 
the test results, was included in the calculation of the test girder bending moment 
considering the deck contribution.  Figure 8.28 shows free bodies of the test specimen, 
from a cut at an arbitrary section for the loading phase of the Stage 3-1 and Stage 3-2 
tests.  As shown in this figure, the shear flow (i.e., shear per unit length) caused by 
friction between the deck and the tubular flanges in the longitudinal direction was 
assumed to be constant along the girder length during entire loading phase.  The shear 
force (i.e., the shear flow multiplied by the distance from the end to the section) acting on 
the top of the tubular flange produces a negative bending moment due to the eccentricity, 
and a tensile axial force.  For the unloading phase, the shear flow was assumed to be 
similar to that for the loading phase, but the direction of the shear flow was opposite to 
that for the loading phase.  Therefore, the shear force for the unloading phase produces a 
positive bending moment and a compressive axial force.  As a result, the contribution of 
the friction in the longitudinal direction was subtracted from the bending moment 
calculated from static equilibrium for the loading phase and added to the bending 
moment calculated from static equilibrium for the unloading phases.  Note that the 
assumed shear flow was estimated based on a comparison of neutral axis locations 
obtained from the tests and from a transformed section analysis, as explained in Section 
9.7.2.   
 
8.4 INSTRUMENTATION 
The instrumentation layout was designed to measure the local and global response of 
the test girders under construction and service conditions.  The test data was collected 
and processed by using two 32 channel A/D boards, two 64 channel A/D boards, signal 
conditioners, power supplies, and a personal computer.  The 32 channel A/D boards were 
configured for differential voltage signals from displacement transducers and the 64 
channel A/D boards were configured for single ended voltage signals from strain gages.  
The strain gage signals were amplified by signal conditioners.  TestPoint commercial 
software was used to control the data acquisition process on the personal computer.   
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Two methods were used to collect test data.  The first is a manual method, which 
collects one set of data per click of the mouse button.  The second is an automatic method, 
which was started by pressing a start button and collected a set of data every 0.2 seconds 
until a stop button was pressed.  Five sets of data were collected by the manual method 
before and after each loading block was placed.  During the placement of each loading 
block, the automatic method was used.   
The data acquisition system was located inside a mobile office to protect it from 
weather conditions.  A set of terminal blocks which provided a connection between the 
instrument cables and the data acquisition system cables were located inside a junction 
box.  Figure 8.29 shows the inside of the junction box and the mobile office.   
A different layout of strain gages was used for the tests under construction conditions 
(Stage 1 and Stage 2) and service conditions (Stage 3-1 and Stage 3-2).  However, all the 
strain gages were placed before the Stage 1 test.  A total of 180 uniaxial strain gages and 
12 90-degree biaxial strain gages were used.  The details of the instrumentation layouts 
are discussed in the following sub sections. 
 
8.4.1 STAGE 1 AND STAGE 2 (CONSTRUCTION CONDITION) TESTS 
Identical instrumentation was designed for the Stage 1 and Stage 2 tests.  A total of 
128 uniaxial strain gages, 28 linear variable displacement transducers (LVDTs), and 8 
string potentiometer displacement transducers (SPs) were used.  Half of the strain gages 
(64) were conditioned by Higgins signal conditioners and half of the strain gages (64) 
were conditioned by Vishay signal conditioners.   
Figure 8.30 shows the instrumentation layout for the Stage 1 and Stage 2 tests.  Each 
test girder had the same instrumentation layout.  The strain gages shown on the web, tube, 
and upper region of the stiffeners in Figure 8.30 were provided in pairs, are on each side 
of the web, tube, or stiffener plate.  The strain gages shown in Detail A of the web and 
tube were oriented in the vertical direction to measure strains in the vertical direction of 
the web.  The difference in these vertical strains on each side of the web can be used to 
calculate the curvature (distortion) of the web.  The strain gages shown in Detail B of the 
web and tube were oriented in the longitudinal direction and were used to determine the 
location of the neutral axis.  The strain gages shown in Detail CN of the bottom flange 
were oriented in the longitudinal direction and were used along with those in Detail B to 
locate the neutral axis, and to observe bending behavior.  The strain gages shown in 
Detail CM of the bottom flange were oriented in the longitudinal direction, and were used 
for checking the symmetry of the loading and for monitoring the load level since this 
section was expected to remain elastic throughout testing.  The maximum strains of the 
girders were measured by strain gages located on the bottom flanges at mid-span as 
shown in Detail D.  One bearing stiffener and one intermediate stiffener located on the 
east side of the girders (see Detail G) were selected to measure strains in the vertical 
direction, because as presented in Chapter 7, in this region, the initial out-of-straightness 
of the compression flanges of the two test girders was in opposite directions.   
Vertical deflections of each girder were measured by two LVDTs and four SPs 
oriented vertically under the bottom flange of each girder at five locations along the 
girder denoted by D, ES, and EL.  The SPs were used at locations D and ES where large 
deflections were expected, while LVDTs were used at location EL where small 
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deflections were expected.  Longitudinal displacement of each girder was measured by 
two LVDTs oriented parallel with the girder and located on both sides of the bottom 
flange as shown in Detail F.  Twenty LVDTs were oriented transversely to measure the 
lateral displacements of the top and bottom flanges at five locations along the girder.  Ten 
LVDTs were used to measure lateral displacements of the north girder from fixed 
reference points (five for the top flange and five for the bottom flange).  The remaining 
LVDTs were located between the two girders to measure relative lateral displacements 
(five for the top flange and five for the bottom flange).  Note that the data obtained from 
the LVDTs used to measure lateral displacements of the north girder could be 
significantly influenced by the vertical deflections.  To obtain accurate lateral 
displacements of the north girder, corrections for the vertical deflections were made.  
When the vertical deflections of the two girders were different, the data obtained from the 
LVDTs used to measure relative lateral displacements between the two girders were also 
corrected.  
Figure 8.31 shows photographs of typical instrumentation.  Note that since the test 
girders were exposed to outside conditions, all the strain gages were protected by 
following procedure: (1) coating with M-COAT C, which is an air-drying silicon rubber, 
(2) covering with M-COAT FB2, which is a rubber pad, (3) covering with M-COAT FA-
2, which is an aluminum tape, and (4) sealing with Plumber’s Goop, which is a contact 
sealant.  Since the LVDTs and SPs were easy to install and uninstall, and they were 
exposed to outside conditions only during the tests, special protection was not provided 
for them. 
 
8.4.2 STAGE 3-1 AND STAGE 3-2 (SERVICE CONDITION) TESTS 
For these tests, the instrumentation focused on global response of the test girders 
rather than on local response, such as web distortion.  A total of 90 uniaxial strain gages, 
12 biaxial strain gages, 28 linear variable displacement transducers (LVDTs), and 8 string 
pots (SPs) were used for the Stage 3-1 test.  All the strain gages were conditioned by 
Vishay signal conditioners.   
Figure 8.32 shows the instrumentation layout for the Stage 3-1 test.  Each test girder 
had the same instrumentation layout and the strain gages shown in Figure 8.32 on the 
web, the tube, and the upper region of the stiffeners were provided in pairs.  The 
symmetry of the loading was checked by the strain gages oriented in the longitudinal 
direction in Detail A of the web and tube and Detail CM of the bottom flange.  The strain 
gages shown in Detail CM were also used for monitoring the load level.  The strain gages 
shown in Detail B of the web and tube were oriented in the longitudinal direction and 
used to determine the location of the neutral axis.  The strain gages shown in Detail CN of 
the bottom flange were oriented in the longitudinal direction and used along with those in 
Detail B to locate the neutral axis, and observe bending behavior.  The strain gages 
oriented in the circumferential direction of the tube, shown in Detail B were used to 
measure hoop strains caused by confinement of the concrete.  The maximum strains of 
the girders were measured by strain gages located on the bottom flanges at the mid-span 
section as shown in Detail D of the bottom flange.  Other instrumentation such as strain 
gages on the stiffeners, LVDTs for measuring vertical deflections, longitudinal 
displacements, and lateral displacements, and SPs for measuring vertical deflections was 
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identical to the instrumentation used in the Stage 1 and Stage 2 tests. 
For the Stage 3-2 test, in addition to the instrumentation used for the Stage 3-1 test 
(see Figure 8.32), three more LVDTs were installed on the north edge of the deck to 
measure lateral displacements of the deck.  One LVDT was located at the mid-span and 
two LVDTs were located at ends of the span near the bearings.   
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Table 8.1  Nominal dimensions and weight of concrete blocks and steel blocks 
Nominal
Width Depth Length weight
mm (in) mm (in) mm (in) kN (kip)
Concrete blocks 610 (24.0) 610 (24.0) 1829 (72) 16.0 (3.6)
Steel block 1 603 (23.8) 368 (14.5) 2413 (95) 41.3 (9.3)
Steel block 2 603 (23.8) 368 (14.5) 2438 (96) 41.8 (9.4)
Steel block 3 603 (23.8) 368 (14.5) 2743 (108) 46.7 (10.5)
Steel block 4 603 (23.8) 368 (14.5) 2743 (108) 46.7 (10.5)
Steel block 5 603 (23.8) 368 (14.5) 2438 (96) 41.8 (9.4)
Material
Nominal dimensions
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Table 8.2  Measured weight of concrete blocks and steel blocks 
Block Weight Block Weight Block Weight Block Weight
Identifier (kN) Identifier (kN) Identifier (kN) Identifier (kN)
1 14.5 33 15.6 65 15.2 97 15.7
2 15.5 34 14.4 66 15.2 98 14.4
3 13.8 35 15.0 67 15.0 99 14.4
4 14.5 36 15.1 68 15.2 100 14.5
5 14.6 37 15.2 69 15.1 101 15.5
6 15.3 38 14.9 70 14.9 102 14.7
7 14.8 39 14.5 71 15.6 103 15.6
8 14.8 40 14.7 72 15.2 104 15.1
9 14.9 41 15.2 73 15.3 105 15.7
10 13.8 42 15.4 74 14.8 106 14.8
11 15.0 43 15.2 75 15.0 107 14.8
12 14.7 44 13.9 76 15.5 108 15.6
13 15.6 45 14.6 77 15.0 109 14.9
14 15.2 46 14.7 78 15.1 110 15.0
15 15.3 47 15.5 79 15.2 111 15.0
16 14.6 48 14.8 80 14.9 112 14.9
17 14.3 49 15.2 81 15.0 113 14.8
18 15.0 50 15.5 82 15.0 114 14.5
19 15.4 51 14.9 83 14.9 115 15.0
20 14.6 52 14.0 84 15.1 116 14.7
21 15.0 53 14.3 85 13.4 117 15.7
22 15.4 54 14.8 86 13.8 118 15.4
23 15.7 55 14.4 87 13.9 119 14.7
24 15.0 56 14.3 88 15.4 120 15.0
25 14.8 57 14.4 89 15.2 steel 1 40.4
26 14.5 58 14.6 90 15.4 steel 2 41.0
27 15.0 59 15.2 91 14.7 steel 3 46.7
28 15.6 60 15.1 92 14.8 steel 4 46.4
29 14.9 61 14.9 93 14.2 steel 5 41.4
30 15.1 62 15.2 94 15.9
31 14.9 63 14.9 95 14.5
32 14.8 64 14.9 96 15.0  
1 kips = 4.448 kN 
 202
                      
Ta
bl
e 
8.
3 
Te
st
 m
at
rix
 
 
 203
ATLSS
Building
Test area
North
South
EastWest
 
 
Figure 8.1  Test location 
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Figure 8.2  Configuration of test area 
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Figure 8.3  Footings and pedestal beams 
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Figure 8.4  Footings and pedestal beams 
 
 
 
 
   
              (a)  West support bearings                             (b)  East support bearings 
 
Figure 8.5  Bearing supports of test specimens 
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Figure 8.6  Unit strip basis for flexural design of precast concrete deck 
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(a) Plan view of Type A panel 
Figure 8.7  Precast concrete deck 
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(b) Plan view of Type B panel 
Figure 8.7  Precast concrete deck (continued) 
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(c) Plan view of Type C panel 
Figure 8.7  Precast concrete deck (continued) 
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(d) Transverse section view 
Figure 8.7  Precast concrete deck (continued) 
 212
PR
EC
A
ST
 C
O
N
C
RE
TE
 D
EC
K 
   
  (
FI
N
AL
 D
RA
W
IN
G
S)
d
a
te
:
Pa
g
e
:
03
-2
1-
03
5/
5
AT
LS
S-
LE
HI
G
H
 U
N
IV
ER
SI
TY
15/
8
1-
3/
4
5/
81
6
Section D-D Section E-E Section F-F
12
0
12
0
1
5
1
1
5
1
15
45
.5
45
.5
1
5
1
56
.5
56
.5 1
5
1
97
3.
5
Type A Type B Type C
Y
Z
X
1
5
1
5.
5
All dimensions given in inches. 1 in = 25.4 mm
1/
2”
1/
2”
12
0
12
0
 
(e) Longitudinal section view of each panel 
Figure 8.7  Precast concrete deck (continued) 
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Figure 8.8  Arrangement of deck panels 
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Figure 8.9  Precast concrete deck panels before casting concrete 
 
 
 
 
 
Figure 8.10  Precast concrete deck panels after casting concrete 
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Figure 8.11  Safety supports 
 
 
 
 
 
Load cell
 
Figure 8.12  Measuring weight of concrete and steel blocks 
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Figure 8.13  Placement of wood shims to support deck panels 
 
 
 
 
Figure 8.14  Placement of deck panels 
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Figure 8.15  Wood cribbing for Stage 1 and Stage 2 tests 
 
 
 
 
 
Figure 8.16  Test setup for Stage 1 and Stage 2 tests 
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(a)  Stage 1 
 
 
(b)  Stage 2 
 
Figure 8.17  Inside view of test specimen for Stage 1 and Stage 2 tests 
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Figure 8.18  Grouting between deck panels 
 
 
 
 
 
Figure 8.19  Longitudinal post-tensioning 
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Figure 8.20  Grouting between deck and girders (haunch) 
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Figure 8.22  Lateral bracing angle 
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Figure 8.23  Wood Cribbing for Stage 3-1 and Stage 3-2 tests 
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Figure 8.24  Modified lateral bracing angle 
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(a)  Stage 1 test 
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(b)  Stage 2 test 
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(c)  Stage 3-1 test 
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(d)  Stage 3-2 test 
Figure 8.25  Loading block arrangements 
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                     (a)  Pick-up                                                        (b)  Movement 
 
(c)  Placement 
 
Figure 8.26  Loading block placement 
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(a)  Stage 1 test 
 
 
(b)  Stage 2 test 
 
Figure 8.27  Final loading conditions 
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(c)  Stage 3-1 test 
 
 
(d)  Stage 3-2 test 
 
Figure 8.27  Final loading conditions (continued) 
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Figure 8.28  Free bodies of test specimen for loading phase of Stage 3-1 and              
Stage 3-2 tests 
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Figure 8.29  Inside of junction box and mobile office 
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Figure 8.30  Instrumentation layout for Stage 1 and Stage 2 tests 
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Figure 8.30  Instrumentation layout for Stage 1 and Stage 2 tests (continued) 
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                    (a) Strain gage                                   (b) LVDT (vertical deflection) 
 
     
    (c) LVDT (longitudinal displacement)                   (d) SP (vertical deflection) 
 
     
 (e) LVDT (relative lateral displacement)             (f) LVDT (lateral displacement) 
 
Figure 8.31  Photographs of typical instrumentation 
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Figure 8.32  Instrumentation layout for Stage 3-1 and Stage 3-2 tests 
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CHAPTER 9  
EXPERIMENTAL RESULTS AND COMPARISON WITH 
ANALYTICAL RESULTS 
 
9.1 INTRODUCTION 
In Chapter 7, the experimental program was described.  The development of the test 
specimen was discussed.  A description of the test girders including the dimensions, the 
material characteristics of the steel and concrete, and the measured geometric 
imperfections were given.  Finally, the results of preliminary analyses of the test girders 
were presented.   
In Chapter 8, the test setup and loading method used in the tests were discussed.  The 
test procedures including the assembly of the test setup, and the loading conditions 
developed during the tests were discussed.  Finally, the instrumentation used in the tests 
was discussed. 
In this chapter, the test results and comparisons of the test results with analytical 
results are presented.  In Section 9.2, the instrumentation identifiers and the sign 
convention that is used for the presentation of the test results and analytical results are 
given.  Finite element (FE) models for the test girders are briefly explained in Section 9.3.  
In Section 9.4, corrections of the test data are discussed.  In Sections 9.5 through 9.8, the 
test results for the Stage 1, Stage 2, Stage 3-1, and Stage 3-2 tests are presented, 
respectively.  The comparison with the analytical results is also presented in these 
sections.  In Section 9.9, the results of a detailed investigation of the lateral displacements 
of the test girders are presented.  Finally, a summary of several FE models that were used 
to investigate the behavior of the test girders is given in Section 9.10. 
 
9.2 INSTRUMENTATION IDENTIFIERS AND SIGN CONVENTION 
Test instrumentation that was used during each test is identified by specific names as 
shown in Figure 9.1 to Figure 9.3.  In Figure 9.1 and Figure 9.2, the letters “S” and “D” 
indicate a strain gage or a displacement transducer, respectively.  The number that 
follows refers to a specific location.  Since both the south girder (girder G1) and north 
girder (girder G4) have identical instrumentation, only the instrumentation on one girder 
is shown here.  The identifier for each girder (G1 or G4) is combined with the 
instrumentation and location identifier using a hyphen.  For example, G1-S1 refers to the 
strain gage at location 1 of the south girder.  Figure 9.3 shows the instrumentation used 
to measure lateral displacement of both girders.   
The sign convention used for the measured data is as follows.  For the strain, 
elongation is positive and contraction is negative.  For the vertical deflection, the upward 
direction is positive and the downward direction is negative.  For the lateral displacement, 
the southward direction is positive and the northward direction is negative. 
Most results presented in this chapter, including the moment, strain, and 
displacement, were produced by the weight of the loading blocks.  The existing moment, 
strain, and displacement due to the girder self-weight and the deck weight are not usually 
included.  If the “total” results, such as the total moment, total strain, or total 
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displacement are presented, then these results include the effects of the girder self-weight 
and the deck weight. 
 
9.3 ANALYSES OF TEST GIRDERS 
Analyses of finite element (FE) models of the test girders were conducted and the 
results were compared with the test results.  Note that, as explained in Section 7.5, only a 
single test girder was modeled, and each test girder was analyzed separately.  Nonlinear 
static analyses were conducted to obtain the structural response at specific load levels 
applied during the tests rather than nonlinear load-displacement analyses, using the Riks 
method, which continue until failure and are used to obtain the flexural strength.   
The FE models of the test girders were similar to the FE1 models described in 
Section 7.5, which were used in the preliminary analyses to estimate the flexural strength 
of the test girders.  The loading conditions, however, were changed.  Instead of applying 
a uniformly distributed load, the loads were applied in the following sequence: (1) the 
girder self-weight; (2) the deck weight; and (3) the weight of the loading blocks.   
For the Stage 1 and Stage 2 tests, the girder self-weight was simulated as a 
distributed load acting on the girder top flange.  Half of the weight of the six deck panels 
was assumed to act on each girder, and was simulated as concentrated loads applied at the 
locations of the wood shims (two equal concentrated loads per panel).  For the weight of 
the loading blocks placed on the deck, it was assumed that one of the two blocks located 
in the transverse direction of the test specimen acts on each girder.  Since the blocks were 
placed on the deck panels, which were simply supported by two wood shims, each 
loading block was simulated as a concentrated load acting on the deck panel at the center 
of the block location, and the reaction forces, at the two wood shim locations, were used 
as the loads acting on the girder to simulate the weight of the loading blocks. 
For the Stage 3-1 and Stage 3-2 tests, the girder self-weight and the deck weight 
including the haunch weight were simulated as a uniformly distributed load.  The weight 
of each loading block was simulated as a concentrated load applied to the girder directly 
at the center of the block location.   
The FE models described in this section are referred to as FE2 models for 
convenience.  Note that the FE analyses simulated only the loading phases of the tests 
while test data were collected during the loading and the unloading phases.  In order to 
easily compare the FE results with the test results, the effects of the girder self-weight 
and the deck weight in the FE results were eliminated from the total results.   
 
9.4 CORRECTION OF TEST DATA 
Test results presented in this chapter are the average values of five data, collected by 
the manual method, taken before and after placement of the loading blocks (see Section 
8.4).  From a thorough investigation of the test data, however, it was observed that the 
strain gages conditioned by the Higgins signal conditioners showed a strain jump when 
there was no change in load but there was a large time interval (more than 30 minutes) 
between the placement of successive loading blocks.  This was not observed from the 
strain gages conditioned by the Vishay conditioners.  Therefore, it was concluded that the 
strain jump observed in the strain gages conditioned by the Higgins signal conditioners 
was due to instability of the conditioners.   
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Figure 9.4 and Figure 9.5 show all the strain results conditioned by the Vishay and 
the Higgins signal conditioners during the Stage 1 test, respectively.  In Figure 9.4 and 
Figure 9.5, the strain variation, after placement of loading block n-1 and before 
placement of loading block n, normalized by the strain resolution is plotted according to 
the number (n) of the loading blocks.  It is clearly seen that the strain data conditioned by 
the Vishay signal conditioners are stable through the entire placement of the loading 
blocks.  However, the strain data conditioned by the Higgins signal conditioners show 
strain jumps at the placement of block numbers 25, 33, and 48.  The time intervals 
between the placement of these blocks and the previous blocks were 2 hours, 1 hour, and 
30 minutes, respectively.  Based on these observations, it was decided to correct the 
strain data conditioned by the Higgins signal conditioners by neglecting these unexpected 
strain variations between loading block placements.  Figure 9.6 shows a typical 
comparison of uncorrected and corrected strain data for the Stage 1 test. 
For the Stage 2 test, the strain data conditioned by the Higgins signal conditioners 
were corrected similarly.  For the Stage 3-1 and Stage 3-2 tests, however, all the strain 
gages were conditioned by the Vishay signal conditioners, and corrections were not 
needed. 
 
9.5 STAGE 1 TEST 
9.5.1 STIFFNESS 
The bending stiffness of the test girders was determined from the moment versus 
bottom flange longitudinal strain plots for Section E of the test girders, which is 152 mm 
away from the mid-span section (see Figure 9.1).  Test results compared to FE analysis 
results for girder G1 and girder G4 are shown in Figure 9.7 and Figure 9.8, respectively.  
Note that during the unloading phase of the Stage 1 test, data were collected only during 
unloading of the second layer of the loading blocks due to a time limitation.  As 
explained in Section 8.3.4, nonlinearity was observed on the loading branch of the test 
results.  In order to verify that the observed nonlinearity in the moment versus 
longitudinal strain plots is not from gross yielding of the steel or nonlinear behavior of 
the concrete in the steel tube, the stresses in the steel and concrete obtained from the FE 
analyses were examined and compared to the material strengths and transformed section 
(TS) analysis results.  For the TS analysis, the concrete in the steel tube was transformed 
to an equivalent area of steel using the modular ratio.  The total longitudinal stress at the 
top of the tube of girder G1 and girder G4 was 442 MPa (64.1 ksi) and 440 MPa (63.8 
ksi), respectively, and the total longitudinal stress at the bottom flange of girder G1 and 
girder G4 was 610 MPa (88.5 ksi) and 608 MPa (88.2 ksi), respectively.  Note that the 
total longitudinal stress represents the stress produced by the girder self-weight, deck 
weight, and weight of the loading blocks.  These stresses did not exceed the yield stresses 
of 793 MPa (115 ksi) and 779 MPa (113 ksi) for the tube and bottom flange, respectively, 
as explained in Section 7.4.1.  Figure 9.9 and Figure 9.10 show the total longitudinal 
stress obtained from the test, the FE analysis, and the TS analysis at the top of the 
concrete infill.  For the test results, the longitudinal strain at the top of the concrete infill, 
which was not measured during the test, was estimated from the neutral axis location 
(discussed later) and the measured strain value of the bottom flange based on a linear 
variation of strain over the cross-section.  The corresponding longitudinal stress was 
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calculated by using the empirical stress-strain model for unconfined concrete developed 
by Oh (2002).  The effects of the girder self-weight and the deck weight were adopted 
from the FE analysis results due to a lack of strain data for these steps in the loading 
program for the tests. 
As shown in Figure 9.9 and Figure 9.10, nonlinearity was observed in both the test 
and FE analysis results.  Also, a small difference between the test results and the FE 
results exists.  The difference between the test results and the FE results is caused by 
confinement of the concrete infill that is included in the FE results but is not included in 
the test results.  The difference between the test and FE results and the TS analysis results 
is caused by the concrete nonlinearity.  In order to investigate the effects of the concrete 
nonlinearity on the observed nonlinearity in the moment versus bottom flange 
longitudinal strain plots, the stiffness (the slope of the moment-strain plots) were 
obtained from the FE and TS analysis results and compared to each other.  For the FE 
analysis results, the slope was calculated from linear regression lines through the data.  
As shown in Table 9.1, the stiffness obtained from the FE analysis results is 1% smaller 
than that obtained from the TS analysis results.  The concrete nonlinearity is thought to 
be the reason for the difference, but this difference is small enough to neglect.  Based on 
these observations, the nonlinearity in the moment versus bottom flange longitudinal 
strain plots is most likely due to residual stresses in the steel, not the concrete 
nonlinearity. 
In order to estimate the stiffness from the test results in Figure 9.7 and Figure 9.8, 
the slope was calculated from linear regression lines, similar to the slopes from the FE 
analysis results.  The unloading branches of each plot, however, were used for the 
regression, rather than the loading branch due to the nonlinearity in the loading branch 
from residual stresses in the steel.  The stiffnesses obtained from the test results for girder 
G1 and girder G4 appear to be 5% and 4% larger than those obtained from the TS 
analysis results, respectively as shown in Table 9.1.  The reason for this is not clear, 
however, a possible reason is inaccurate measurement of the geometry or the material 
properties (steel and concrete infill) of the test girders.   
 
9.5.2 NEUTRAL AXIS LOCATION 
The neutral axis location of the test girders was determined from the test and FE 
analysis results.  Longitudinal strains of the tube, web, and bottom flange at Section E, 
obtained from the loading phase of the test, were plotted over the cross-section height, 
and a linear regression line was developed to fit the data.  The intersection of the linear 
regression line with the axis that represents the cross-section height was defined as the 
neutral axis location.  TS analysis results were also compared to FE and test results. 
Figure 9.11 and Figure 9.12 compare the neutral axis location obtained from the test 
and the FE and TS analyses for girder G1 and girder G4, respectively.  The neutral axis 
location was plotted versus the moment at Section E.  To better understand the physical 
location of the neutral axis, a drawing of the cross-section is also included in these figures.  
Similar results were obtained for girder G1 and girder G4.  The neutral axis location 
obtained from the FE analysis is very close to that obtained from the TS analysis at small 
levels of moment.  However, beyond the moment of 850 kN-m, the neutral axis drops 
slightly as the moment increases.  This can be explained by the effect of the concrete 
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nonlinearity.  The test results include two nonlinear effects.  The first is the effect of the 
concrete nonlinearity, which would make the neutral axis drop.  The second is the effect 
of tensile residual stresses in the tension flange that would make the neutral axis rise.  
However, these effects cannot be seen clearly from Figure 9.11 and Figure 9.12.  The 
neutral axis location from the test is slightly above the neutral axis locations obtained 
from the analyses, and does not show much variation.  Again, the reason for this is not 
clear.  However, it is possible that inaccurate measurement of geometry and material 
properties of the compression region (the steel tube and concrete infill) of the test girders 
causes the discrepancy. 
 
9.5.3 MAXIMUM STRAIN 
The maximum longitudinal strain was expected to occur at the bottom flange of the 
mid-span cross-section.  Moment versus longitudinal strain plots were generated for the 
mid-span section and the test results were compared to the FE analysis results in Figure 
9.13 and Figure 9.14.  Similar to the results for Section E, the loading and unloading 
branches of the test results at mid-span are not identical due to the nonlinearity observed 
in the loading branch, which is caused by the residual stresses.  Unlike Section E, 
however, the test results appear to be unreasonably flexible compared to the FE results.   
To investigate the reason for this, the experimental and analytical longitudinal strains 
at the mid-span section were compared to those at Section E.  Similar results were 
obtained for both girder G1 and girder G4, so only the results for girder G1 are presented 
in Figure 9.15 and Figure 9.16.  It was expected that these longitudinal strains should be 
very similar because Section E is located only 152 mm away from the mid-span section.  
As expected, the FE analysis results in Figure 9.16 for the two sections are very close, 
but the longitudinal strains from the test results in Figure 9.15 are much larger at mid-
span than at Section E.  The reason for these results may be as follows.  As the loading is 
increased, the bottom flange elongates in the longitudinal direction but contracts in the 
transverse direction due to Poisson’s effect.  For the test results, the mid-span stiffeners 
welded to the top surface of the bottom flange restrain the contraction of the top surface 
of the bottom flange in the transverse direction.  This restraint produces tension force and 
negative plate bending in the transverse direction of the bottom flange.  The negative 
bending moment in the transverse direction of the bottom flange causes transverse 
contraction and longitudinal elongation due to the Poisson’s effect, on the bottom surface 
of the bottom flange.  As a result, the mid-span stiffeners were found to have the effect of 
increasing the longitudinal strain at the bottom surface of the bottom flange during the 
tests.  For the FE models of the test girders, because the bottom flanges were modeled 
using shell elements at the mid-surface of the bottom flange and the mid-span stiffeners 
were modeled using shell elements that connect to the nodes of the elements at the mid-
surface of the bottom flange, the negative bending moment in the transverse direction of 
the bottom flange does not develop. 
 
9.5.4 VERTICAL DEFLECTION 
The vertical deflections were measured at five different sections, which are Section B, 
Section D, Section F, Section G, and the mid-span section (see Figure 9.1), along the 
bottom of the bottom flange of both test girders.  The results for Section D, Section F, 
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and the mid-span section are presented here.  The moment at the mid-span section was 
plotted versus the vertical deflections at these three sections.  The comparison of the 
vertical deflections at Sections D and F for each test girder shows the symmetry of the 
girder deflections about mid-span.  The comparison of the vertical deflections of girder 
G1 and girder G4 at the mid-span section shows the symmetry of the girder deflections in 
the transverse direction.  The difference in the vertical deflections at the mid-span section 
of the two test girders shows the twist of the test specimen due to the presence of the 
interior diaphragm at mid-span.  The test results were also compared to the FE analysis 
results. 
From Figure 9.17 and Figure 9.18, it was observed that the loads were applied 
symmetrically about mid-span for girder G1 during the Stage 1 test as expected.  Similar 
to the strain results presented before, the difference between the loading and unloading 
branches of the test results is due to the residual stresses in the steel.  Figure 9.19 
compares test and FE analysis results at Section F of girder G1.  The test (loading branch) 
and FE analysis results appear to be similar, however the effect of residual stresses in the 
steel is included in the test results but not in the FE analysis results.  If the effect of 
residual stresses could be eliminated from the test results, the test results would then 
appear to be a bit stiffer than the FE analysis results.  A possible reason for the difference 
between the test (eliminating the effect of residual stresses) and FE analysis results is 
same as discussed previously during the stiffness comparison, that is, the inaccurate 
measurement of the geometry or the material properties (steel and concrete infill) of the 
test girders.  It was also observed from Figure 9.18 and Figure 9.19 that the FE analysis 
results, which do not have the effect of the residual stresses, are not linear. The reason for 
this is that the loading used in the tests (and simulated in the FE models) only 
approximates a uniformly distributed loading (i.e., a proportional loading) and therefore 
the plots are only approximately linear.  This is also true for the test results.  Note that the 
test results for the Stage 2 test provide a better illustration of this aspect of the tests 
because the residual stress effect is greatly reduced in the test results for Stage 2 test.   
The results and observations for girder G4 are similar to those for girder G1, as 
shown in Figure 9.20 through Figure 9.22.  As shown in Figure 9.20 and Figure 9.21 
symmetric girder deflections were observed from both the test and FE analysis results.  
However, unlike girder G1, slightly larger deflection was obtained from the test results 
(the loading branch) than the FE analysis results (see Figure 9.22). 
Figure 9.23 and Figure 9.24 compares the experimental and FE analysis vertical 
deflections at the mid-span section, respectively, of girder G1 and girder G4.  The test 
results used in these figures are the average of results from displacement transducers D3 
and D4 (see Figure 9.1).  As shown in these figures, for the test results, a larger 
deflection was observed for girder G4 than for girder G1 while identical results were 
observed from the FE analysis of girder G1 and girder G4.   
Figure 9.25 and Figure 9.26 compares test and FE analysis results for the vertical 
deflection at the mid-span section for girder G1 and girder G4, respectively.  Similar to 
Section F, the test results (the loading branch) for mid-span deflection are larger than the 
FE analysis results for girder G4 whereas very similar results were obtained from the test 
and FE analysis for girder G1.  The reason for these differences is not clear, however, 
possible reasons include: (1) inaccurate measurement of the geometry or the material 
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properties (steel and concrete infill) of the test girders and (2) inaccurate placement of the 
loading blocks in the transverse direction. 
 
9.5.5 LATERAL DISPLACEMENT 
The lateral displacements were measured at five different sections, which are Section 
B, Section D, Section F, Section G, and the mid-span section of both test girders.  The 
results at only the mid-span section of both test girders are presented here.  The moment 
at the mid-span section was plotted versus the lateral displacements of the mid-span 
section.  The test results for the top flange (tube) and bottom flange were compared to 
each other to investigate the twist of the section.  The test results are also compared to FE 
analysis results.   
Figure 9.27 and Figure 9.28 show the lateral displacement results for girder G1 and 
girder G4, respectively.  It was observed from these figures that for the test results, both 
girders displace in the south direction (positive direction).  However, the tube has a 
smaller lateral displacement than the bottom flange at the maximum load for both girders, 
indicating that twist occurs in the opposite direction (to the north) of the lateral 
displacement.  The reason for this can be explained by the difference in the vertical 
deflection of the girders.  More vertical deflection in girder G4 (the north girder) than in 
girder G1 (the south girder) causes a rotation of the test specimen, which results in the 
interior diaphragm twisting the girders at the mid-span section in the north direction.  The 
rotation of the test specimen in the north direction estimated from the difference in the 
vertical deflections of the girders divided by the distance between girders was 0.0023 rad, 
but the actual twists of girder G1 and girder G4 in the north direction estimated from the 
difference in the lateral displacements of the top and bottom flanges divided by the 
distance between the flange centroids were 0.0013 rad and 0.0015 rad, respectively.  The 
difference between the estimated rotation of the test specimen due to the difference in the 
vertical deflection of the girders and the actual twists of the girders reflects the flexibility 
of the diaphragm and measurement errors.  Also, as discussed later, the test girders, 
individually tend to twist in the south direction. 
An increase in the stiffness of the mid-span moment versus lateral displacement plot 
was observed when the moment equals 788 kN-m from the test results for both girders.  
This moment is reached when all the loading blocks in the first layer have been placed, 
and placement of the blocks in the second layer begins.  In addition, the comparison 
between the test and FE analysis results shows large differences in the lateral 
displacement, especially for girder G4.  Numerous FE simulations conducted to 
investigate these test results are presented in Section 9.9. 
 
9.5.6 WEB DISTORTION 
The web distortion was estimated from the strain values at four different sections, 
which are Section B, Section D, Section F, and Section G of both test girders.  The 
difference in the vertical strains measured on both sides of the web allows the curvature 
to be calculated at the strain gage locations, which are distributed over the depth of the 
web.  The curvature at each location can be expressed in terms of displacements in the 
transverse direction using the central difference method.  Assuming that the web has 
fixed boundary conditions at the two flanges, the unknown displacements at the strain 
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gage locations over the depth of the web can be determined using various numerical 
techniques.  In this study, the “Thomas” algorithm was used.  The difference in 
displacements in the transverse direction over the web depth illustrates the web distortion. 
It was observed from the test results that the web distortion is very small.  The largest 
displacement of the web in the transverse direction at the maximum load is less than 0.38 
mm.  In addition, the web distortion is not correlated with other results, such as the lateral 
displacements of the top and bottom flanges.  Based on these observations, it appears that 
the web distortion is mainly related to initial imperfections of the web plate.   
 
9.6 STAGE 2 TEST 
The analyses of the results from the Stage 2 test are similar to those for the Stage 1 
test.  Therefore, only brief explanations of the test results, comparisons of the test results 
with FE analysis results, and differences between the Stage 2 test results and Stage 1 test 
results are presented in this section.   
 
9.6.1 STIFFNESS 
The bending stiffness of the test girders was determined from the moment versus 
bottom flange longitudinal strain plots for Section E of the test girders.  Test results and 
FE analysis results for girder G1 and girder G4 are compared in Figure 9.29 and Figure 
9.30, respectively.  Note that unlike the Stage 1 test, data were collected during the entire 
unloading phase.  These figures show that the loading and unloading branches of the test 
results are essentially identical and are without significant nonlinearity.  The residual 
stresses causing the nonlinearity shown in the test results for the Stage 1 test were 
essentially eliminated by the Stage 1 test.  The loads applied in the Stage 2 test were less 
than in the Stage 1 test, therefore in the Stage 2 test, the girders were being reloaded 
along the unloading branch from the Stage 1 test.  Table 9.2 compares the bending 
stiffness (the slope of the moment-strain plot) obtained from the test and the FE and TS 
analysis results.  Note that for the test results, both the loading and unloading branches 
had similar stiffness.  The stiffness obtained from the FE analysis results is similar to that 
obtained from the TS analysis results.  The stiffnesses obtained from the test results for 
girder G1 and girder G4 appear to be 4% and 3% larger than those obtained from the TS 
analysis results, respectively. 
 
9.6.2 NEUTRAL AXIS LOCATION 
The neutral axis location at Section E of the test girders was determined from the 
loading phase of the test and the FE analysis results.  The TS analysis results were also 
compared to the FE analysis and test results.   
Figure 9.31 and Figure 9.32 compare the neutral axis location obtained from the test 
and the FE and TS analyses for girder G1 and girder G4, respectively.  Similar results 
were observed for girder G1 and girder G4.  Similar to the results from the Stage 1 test, 
the neutral axis location obtained from the FE analysis is very close to that obtained from 
the TS analysis at small levels of moment and as the moment increases, the neutral axis 
drops slightly due to the effects of concrete nonlinearity.  The maximum decrease in the 
neutral axis location is smaller than in the Stage 1 test due to the lower maximum load.  
The neutral axis obtained from the test is located slightly above those obtained from the 
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analyses without much variation. 
 
9.6.3 MAXIMUM STRAIN 
To investigate the maximum longitudinal strain, the moment versus bottom flange 
longitudinal strain plots were generated at the mid-span section and the test results were 
compared to FE analysis results in Figure 9.33 and Figure 9.34.  Similar to the results 
for Section E, the loading and unloading branches of the test results at mid-span are 
identical and are without significant nonlinearity.  Unlike Section E, however, the test 
results appear to be more flexible than the FE analysis results.   
The experimental and analytical longitudinal strains at the mid-span section were 
compared with those at Section E to investigate this difference in the results.  Similar 
results were obtained for girder G1 and girder G4, so only the results for girder G1 are 
presented in Figure 9.35 and Figure 9.36.  The FE analysis results for Section E and the 
mid-span section are very close, but the test results for the mid-span section have much 
larger strains at mid-span that at Section E.  The reason for this result is discussed in 
Section 9.5.3. 
 
9.6.4 VERTICAL DEFLECTION 
The symmetry of the girder vertical deflections about mid-span was investigated by 
comparing the deflections at Sections D and F for each test girder.  Figure 9.37 and 
Figure 9.38 show the test and FE analysis results for girder G1, respectively.  From these 
figures, it was observed that the loads were applied symmetrically about mid-span for 
girder G1 during the Stage 2 test as expected.  Similar to the strain results presented 
before, the loading and unloading branches of the test results are similar and are without 
significant nonlinearity.  Figure 9.39 compares the test and FE analysis vertical 
deflections at Section F for girder G1.   It is observed that the test results are stiffer than 
the FE analysis results.  The nonlinearity caused by the loading method only 
approximating a uniformly distributed load was also observed in both the test and FE 
analysis results. 
The results and observations for girder G4 are similar to those for girder G1, as 
shown in Figure 9.40 through Figure 9.42.  However, the difference between the test and 
FE analysis results for girder G4 in Figure 9.42 is smaller than for girder G1. 
The symmetry of the girder vertical deflections in the transverse direction was 
investigated by comparing the vertical deflections of girder G1 and girder G4 at the mid-
span section.  Figure 9.43 and Figure 9.44 show the test and FE analysis results, 
respectively.  As shown in these figures, for the test results, a slightly larger deflection 
was observed for girder G4 than for girder G1, while nearly identical results were 
observed from the FE analyses.  
Figure 9.45 and Figure 9.46 compare test and FE analysis vertical deflections at the 
mid-span section for girder G1 and girder G4, respectively.  For both girders, the test 
results are stiffer than the FE analysis results.  The reason is discussed in Section 9.5.4. 
 
9.6.5 LATERAL DISPLACEMENT 
Test results for lateral displacement were compared to FE analysis results for girder 
G1 and girder G4, respectively, in Figure 9.47 and Figure 9.48.  The moment at the mid-
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span section was plotted versus the lateral displacements of the top flange (tube) and 
bottom flange of the mid-span section.  Similar to the results from the Stage 1 test, both 
girders deflected laterally in the south direction.  Unlike the Stage 1 test results, however, 
the tube had a larger lateral displacement to the south than the bottom flange for girder 
G1, and both the tube and bottom flange had similar lateral displacements for girder G4 
at the maximum load.  Thus, girder G1 twists in the same direction (south) as the lateral 
displacement, and, for girder G4, twist is not observed.  For the Stage 2 test, the interior 
diaphragm was not present between the two girders at the mid-span section and therefore 
the twist of the mid-span section was not related to the difference in the vertical 
deflections of the girders, as in the Stage 1 test.   
Similar to the Stage 1 test results, an increase in the stiffness of the mid-span 
moment versus lateral displacement plot was observed when the moment equals 788 kN-
m from the test results for both girders.  The comparison between the test and FE analysis 
results shows large differences in the lateral displacement, especially for girder G4.  
These aspects of the test results are discussed in Section 9.9. 
 
9.6.6 WEB DISTORTION 
It was observed from the test results that the web distortion is very small.  The largest 
displacement of the web in the transverse direction at the maximum load is less than 0.18 
mm.  The web distortion is not correlated with other results, such as the lateral 
displacements of the top and bottom flanges.  Based on these observations, it appears that 
the web distortion is mainly related with initial imperfections of the web plate.  
 
9.7 STAGE 3-1 TEST 
The analyses of the results from the Stage 3-1 test are similar to those for the Stage 1 
test and Stage 2 test.  Therefore, only brief explanations of the test results, comparisons 
of the test results with FE analysis results, and differences between the Stage 3-1 test 
results and previous test results are presented in this section.   
As described in Section 8.3.4, the deck has a contribution to resisting the applied 
moment from the loading blocks, even though it was not composite with the test girders 
in the Stage 3-1 test.  In order to evaluate the deck contribution, therefore, the Stage 3-1 
test results were compared with the Stage 2 test results.  The moment versus bottom 
flange longitudinal strain plots for Section E of the test girders were used.  Figure 9.49 
shows the results for girder G1.  The results for the Stage 3-1 test include two test girder 
bending moment results, one that considers the deck contribution and one that does not 
consider the deck contribution.  As explained in Section 8.3.4, the shear force caused by 
friction between the deck and the girders in the longitudinal direction was considered to 
calculate the test girder bending moment considering the deck contribution.  As shown in 
Figure 9.49, the results for the Stage 3-1 test without considering the deck contribution 
appear to be stiffer than those for the Stage 2 test for the entire loading range.  The results 
for the Stage 3-1 test with the deck contribution appear to be similar to those for the 
Stage 2 test at the early stages of the test.  However, as the loads increase, the results for 
the Stage 3-1 test with the deck contribution show that the stiffness of the girder moment 
versus strain plot is decreasing.  The reason for this result is that the assumption that the 
deck is elastic tends to overestimate the deck contribution after the deck is in the inelastic 
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range.  Similar observations were made from the results for girder G4. 
It was concluded that neither of the Stage 3-1 test results shown in Figure 9.49 is a 
very accurate estimate of the bending moment during the test.  However, the test girder 
bending moment obtained considering the deck contribution is more reasonable estimate 
and therefore only this result is presented for the Stage 3-1 test and Stage 3-2 test. 
 
9.7.1 STIFFNESS 
The bending stiffness of the test girders was determined from the moment versus 
bottom flange longitudinal strain plots for Section E of the test girders.  The test results 
are compared to FE analysis results for girder G1 and girder G4 in Figure 9.50 and 
Figure 9.51, respectively.  Nonlinearity is hardly seen in the loading branches of the test 
and FE analysis results.  The residual stresses that caused the nonlinearity in the test 
results for the Stage 1 test were not a significant factor in the Stage 3-1 test, because the 
maximum girder bending moment reached in the Stage 3-1 test was very close to the 
maximum bending moment in the Stage 1 test.  In the unloading branch of the test results, 
however, an unexpected jump was observed.  This may have been caused by slip between 
the deck and the tubular flanges.  Table 9.3 compares the bending stiffness (the slope of 
the moment-strain plot) obtained from the test and the FE and TS analysis results.  Note 
that for the test results, only two points in the unloading branch, which are the points at 
maximum load and after unloading fully, were used to estimate the bending stiffness 
because of the unexpected jump observed in unloading phase.  The test results without 
considering the deck contribution were also investigated for the bending stiffness. 
The stiffness obtained from the FE analysis results is similar to that obtained from 
the TS analysis results.  The effect of concrete nonlinearity is negligible.  The stiffnesses 
obtained from the test results considering the deck contribution for girder G1 and girder 
G4 appear to be 2% larger than those obtained from the TS analysis results.  The reason 
for this is discussed in Section 9.5.1.  Additionally, the stiffnesses obtained from the test 
results without considering the deck contribution for girder G1 and girder G4 are 11% 
and 12% larger than those obtained from the TS analysis results, respectively. 
 
9.7.2 NEUTRAL AXIS LOCATION 
The neutral axis location at Section E of the test girders was determined from the 
loading phase of the test and the FE analysis results.  The TS analysis results were also 
compared to the FE analysis and test results.   
Figure 9.52 and Figure 9.53 compare the neutral axis location obtained from the test 
and the FE and TS analyses for girder G1 and girder G4, respectively.  Note that for the 
FE and TS analysis results shown in these figures, the effects of friction between the deck 
and tubular flanges in the longitudinal direction were not included.  However, the test 
results included the effect of friction between the deck and tubular flanges, which was 
evaluated as discussed below.  Similar to the Stage 1 and Stage 2 test results, the neutral 
axis location obtained from the FE analysis is very close to that obtained from the TS 
analysis at small levels of moment and as the moment increases the neutral axis drops 
slightly due to the effects of concrete nonlinearity.  The neutral axis obtained from the 
Stage 3-1 test, similar to the Stage 1 and Stage 2 test results, is located above the neutral 
axis obtained from the analyses.  However, unlike the Stage 1 and Stage 2 test results, the 
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neutral axis at small levels of moment is located above the neutral axis at large levels of 
moment. 
To better understand these results, the neutral axis location obtained from the 
unloading phase of the test results was plotted and compared to that obtained from the 
loading phase.  Figure 9.54 shows the results for girder G1.  For the unloading phase, 
unlike the results of loading phase, the neutral axis at small levels of moment is located 
below the neutral axis at large levels of moment.  The reason for the variation of the 
neutral axis in the loading and unloading phases is explained as follows.  As described in 
Section 8.3.4, shear forces, acting on the top of the tubular flanges and caused by the 
friction between the deck and the tubular flanges in the longitudinal direction, produce 
axial forces in the test girders.  Additional changes in moment are produced as well, but 
these moments do not have an effect on the neutral axis location.  At small levels of 
moment, the friction effect is not small compared to the effect of the applied moment on 
the strains and therefore the friction influences the neutral axis location.  As the applied 
moment increases, however, its effect on the strains increases while the friction effect 
remains relatively constant, and therefore the friction effect on the neutral axis location is 
reduced.  A TS analysis considering the friction effect was conducted to verify this 
explanation and it was observed after several trials that a total shear force of 45 kN (10 
kips) acting over ½ the girder span provides reasonable results compared to the test 
results, as shown in Figure 9.54.   
Additionally, the neutral axis locations obtained from the loading and unloading 
phases of the Stage 3-1 test were compared to those obtained from the loading phase of 
the Stage 2 test.  Figure 9.55 shows the results for girder G1.  It is seen from this figure 
that the neutral axis locations obtained from the Stage 2 test are between those obtained 
from the loading and unloading phases of the Stage 3-1 test.  This shows that the friction 
between the deck and tubular flanges in the longitudinal direction does not exist in the 
Stage 2 test but exists in the Stage 3-1 test.  The results for girder G4 are similar. 
 
9.7.3 MAXIMUM STRAIN 
To investigate maximum longitudinal strain, the moment versus bottom flange 
longitudinal strain plots were generated at the mid-span section and the test results were 
compared to FE analysis results in Figure 9.56 and Figure 9.57.  Similar to the results 
for Section E, the loading and unloading branches of the test results are not identical due 
to the unexpected jump observed in the unloading branch.  Unlike Section E, however, 
the test results appear to be unreasonably flexible compared to the FE results.   
The experimental and analytical longitudinal strains at the mid-span section were 
compared to those at Section E.  Similar results were obtained from girder G1 and girder 
G4, so only the results of girder G1 are presented in Figure 9.58 and Figure 9.59.  The 
analytical results for Section E and the mid-span section are very close, but the test 
results for the mid-span section have much larger strains at mid-span than Section E.  The 
reason for this result is discussed in Section 9.5.3. 
 
9.7.4 VERTICAL DEFLECTION 
The symmetry of the girder vertical deflections about mid-span was investigated by 
comparing the deflections at Sections D and F for each test girder.  Figure 9.60 and 
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Figure 9.61 show the test and FE analysis results for girder G1, respectively.  From these 
figures, it was observed that the loads were applied symmetrically about mid-span for 
girder G1 during the Stage 3-1 test as expected.  Similar to the strain results presented 
before, the difference between the loading and unloading branches of the test results is 
due to the unexpected jump caused by slip between the deck and the tubular flanges 
during the unloading phase of the test.  Figure 9.62 compares the test and FE analysis 
vertical deflections at Section F for girder G1.  It is observed that the test results are 
stiffer than the FE analysis results.  The nonlinearity caused by the loading method only 
approximating a uniformly distributed load is also observed in both the test and FE 
analysis results.  The results and observations for girder G4 are similar to those for girder 
G1, as shown in Figure 9.63 through Figure 9.65.   
The symmetry of the girder vertical deflections in the transverse direction was 
investigated by comparing the vertical deflections of girder G1 and girder G4 at the mid-
span section.  Figure 9.66 and Figure 9.67 show the test and FE analysis results, 
respectively.  From these figures, it was observed that the loads were applied 
symmetrically in the transverse direction during the Stage 3-1 test as expected.   
Figure 9.68 and Figure 9.69 compare test and FE analysis vertical deflections at the 
mid-span section for girder G1 and girder G4, respectively.  For both girders, the test 
results are stiffer than the FE analysis results.  The reason for this is discussed in Section 
9.5.4. 
 
9.7.5 LATERAL DISPLACEMENT 
The moment at the mid-span section was plotted versus the lateral displacements at 
the top flange (tube) and bottom flange of the mid-span section for girder G1 and girder 
G4, and is presented in this section.   
Based on the FE analysis results, the lateral displacements of girder G1 and girder 
G4 were expected to be negligible due to the bracing provided by the lateral bracing 
angles and the deck.  As shown in Figure 9.70 and Figure 9.71, however, unexpectedly 
large lateral displacements were observed for both girders.  As a reference, the lateral 
displacement of the tube during the loading phase of the Stage 3-1 test was compared to 
the tube lateral displacements for the Stage 1 and Stage 2 tests.  Similar results were 
observed in girder G1 and girder G4, so only the results for girder G1 are shown in 
Figure 9.72.  As shown in this figure, the lateral displacement during the Stage 3-1 test is 
smaller than in the Stage 2 test but larger than in the Stage 1 test.  As discussed in Section 
8.3.2, the gap between the lateral bracing angles and the tubes were supposed to be 1.6 
mm (1/16 in).  The actual gaps from measurements, however, were between 3.2 mm (1/8 
in) and 4.8 mm (3/16 in).  Therefore, the gap introduced between the lateral bracing 
angles and the tubes was larger than intended so that the lateral bracing angles did not 
prevent lateral displacement of the girders.  This results in larger lateral displacements 
than expected, which resulted in the Stage 3-1 test being terminated early.  The haunch 
continuously placed between deck and tubes along the girder length may have somewhat 
restrained the lateral displacements of the girders, so the displacements in the Stage 3-1 
test are smaller than those in the Stage 2 test.  
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9.8 STAGE 3-2 TEST 
The analyses of the results from the Stage 3-2 test are similar to those for the Stage 1 
test, Stage 2 test, and Stage 3-1 test.  Therefore, only brief explanations of the test results, 
comparisons of the test results with FE analysis results, and differences between the 
Stage 3-2 test results and previous test results are presented in this section.   
Figure 9.73 presents the moment versus bottom flange longitudinal strain plots for 
Section E of girder G1 for the Stage 3-2 and Stage 2 tests.  For the results of the Stage 3-
2 test, two test girder bending moment results, one that considers the deck contribution 
and one that does not consider the deck contribution, are included.  The findings from 
this figure are similar to those for the Stage 3-1 test.  Therefore, the test girder bending 
moment obtained considering the deck contribution is used in presenting the test results. 
 
9.8.1 STIFFNESS 
The bending stiffness of the test girders was determined from the moment versus 
bottom flange longitudinal strain plots for Section E of the test girders.  The test results 
are compared to FE analysis results for the girder G1 and girder G4 in Figure 9.74 and 
Figure 9.75, respectively.  Note that as a reference, the yield moment ( yM ) obtained 
from a section analysis and the maximum moment (Mmax) obtained for the Stage 3-1 test 
are included in these figures.  Nonlinearity was observed in the loading branches of the 
test and FE analysis results.  It is obvious that nonlinearity in the FE analysis results starts 
after the moment reaches My.  The nonlinearity in the test results, however, starts when 
the moment reaches the maximum moment obtained for the Stage 3-1 test, which is 
smaller than My.  This nonlinearity was caused by residual stresses in the steel section.  
The unexpected jump observed in the unloading branch of the test results can be 
explained by slip between the deck and the tubular flanges.  Table 9.4 compares the 
bending stiffness (the slope of the moment-strain plot) obtained from the test and the FE 
and TS analysis results.  Note that for the test results, only two points in the unloading 
branch, which are the points at maximum load and after unloading fully, were used to 
estimate the bending stiffness because of the unexpected jump observed in unloading 
phase.  For the FE analysis results, only the portion up to yM  was used to estimate the 
bending stiffness to eliminate the effect of yielding.  The test results without the deck 
contribution were also investigated for the bending stiffness. 
The stiffness obtained from the FE analysis results is similar to that obtained from 
the TS analysis results.  The effect of concrete nonlinearity is negligible.  The stiffnesses 
obtained from the test results considering the deck contribution for girder G1 and girder 
G4 are 1% larger than those obtained from the TS analysis results.  A possible reason for 
this is discussed in Section 9.5.1.  Additionally, the stiffnesses obtained from the test 
results without considering the deck contribution for girder G1 and girder G4 are 11% 
and 10% larger than those obtained from the TS analysis results, respectively. 
 
9.8.2 NEUTRAL AXIS LOCATION 
The neutral axis location at Section E of the test girders was determined from the 
loading phase of the test and the FE analysis results.  The TS analysis results were also 
compared to the FE analysis and test results.   
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Figure 9.76 and Figure 9.77 compare the neutral axis location obtained from the test 
and the FE and TS analyses for girder G1 and girder G4, respectively.  Note that for the 
FE and TS analysis results shown in these figures, the effects of friction between the deck 
and tubular flanges in the longitudinal direction were not included.  However, the effect 
of friction is included in the test results.  Similar to the Stage 3-1 test results, the neutral 
axis location obtained from the FE analysis is very close to that obtained from the TS 
analysis at small levels of moment and as the moment increases the neutral axis drops 
slightly due to the effects of concrete nonlinearity until the yield moment is reached.  
However, the neutral axis obtained from the FE analysis rises after the yield moment.  
Significant yielding of the cross-section starting from the bottom flange of the section 
causes the neutral axis to move upward.  The neutral axis obtained from the Stage 3-2 test 
is located above the neutral axis obtained from the analyses, and the neutral axis at small 
levels of moment is located above the neutral axis at large levels of moment until the 
maximum moment obtained for the Stage 3-1 test is reached, due to the friction effect 
discussed previously.  After the maximum moment obtained for the Stage 3-1 test is 
reached, similar to FE analysis results, the neutral axis rises due to yielding, which starts 
at the bottom flange of the section.   
In addition, unlike the Stage 3-1 test results, the neutral axis location obtained from 
the unloading phase of the Stage 3-2 test results did not show the friction effect clearly 
because at small levels of moment, especially, the effect of permanent deformation of the 
bottom flange due to yielding is much larger than the friction effect on the strains.  
Therefore, the shear force due to the friction effect was estimated from the loading phase 
of the test up to yielding.  The total shear force acting over ½ the girder span was 
estimated to be 45 kN (10 kips) from the TS analysis.  This result is consistent with the 
results from the Stage 3-1 test.   
 
9.8.3 MAXIMUM STRAIN 
To investigate maximum longitudinal strain, the moment versus bottom flange 
longitudinal strain plots were generated at the mid-span section and the test results were 
compared to FE analysis results in Figure 9.78 and Figure 9.79.  Similar to the results 
for Section E, the loading and unloading branches of the test results are not identical due 
to the nonlinearity observed in the loading branch and the unexpected jump observed in 
the unloading branch.  Nonlinearity appears to start in the test results earlier than in the 
FE analysis results due to the residual stresses.  Unlike Section E, however, the test 
results appear to be unreasonably flexible compare to the FE results.   
The experimental and analytical longitudinal strains at the mid-span section were 
compared to those at Section E.  Similar results were obtained from girder G1 and girder 
G4, so only the results of girder G1 are presented in Figure 9.80 and Figure 9.81.  The 
analytical results for Section E and the mid-span section are very close, but the test 
results for the mid-span section have much larger strains at mid-span than Section E.  The 
reason for this result is discussed in Section 9.5.3. 
 
9.8.4 VERTICAL DEFLECTION 
The symmetry of the girder vertical deflections about mid-span was investigated by 
comparing the deflections at Sections D and F for each test girder.  Figure 9.82 and 
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Figure 9.83 show the test and FE analysis results for girder G1, respectively.  It was 
observed from these figures that the loads were applied symmetrically about mid-span for 
girder G1 during the Stage 3-2 test as expected.  Figure 9.84 compares the test and FE 
analysis vertical deflections at Section F for girder G1.  It is observed that the test results 
are stiffer than the FE analysis results until the maximum load applied in the Stage 3-1 
test is reached.  Beyond this load level, however, the test results become more flexible 
than the FE analysis results due to the residual stresses.  The nonlinearity caused by the 
loading method only approximating a uniformly distributed load was also observed in 
both the test and FE analysis results.  The results and observations for girder G4 are 
similar to those for girder G1, as shown in Figure 9.85 through Figure 9.87.   
The symmetry of the girder vertical deflections in the transverse direction was 
investigated by comparing the vertical deflections of girder G1 and girder G4 at the mid-
span section.  Figure 9.88 and Figure 9.89 show the test and FE analysis results, 
respectively.  As shown in these figures, for the test results, a larger deflection was 
observed for girder G4 than for girder G1 while identical results were observed from FE 
analysis of girder G1 and girder G4.   
Figure 9.90 and Figure 9.91 compare test and FE analysis vertical deflections at the 
mid-span section for girder G1 and girder G4, respectively.  For both girders, the test 
results are stiffer than the FE analysis results until the maximum load applied in the Stage 
3-1 test is reached.  A possible reason for this is discussed in Section 9.5.4.  Beyond this 
load level, however, the test results become more flexible than the FE analysis results due 
to the residual stresses in the steel section. 
 
9.8.5 LATERAL DISPLACEMENT 
The moment at the mid-span section was plotted versus the lateral displacements at 
the top flange (tube) of the mid-span section for girder G1 and girder G4, and the results 
are compared with the Stage 3-1 test results in this section. 
Figure 9.92 and Figure 9.93 show the results for the girder G1 and girder G4, 
respectively.  As discussed in Section 8.3.2, the lateral bracing angles were placed in 
contact with the tubes for the Stage 3-2 test.  Therefore, as expected, the lateral 
displacements of both girders observed in this test are very small compared to the Stage 
3-1 test results. 
 
9.9 INVESTIGATION OF LATERAL DISPLACEMENTS 
For the lateral displacements during the Stage 1 test and Stage 2 test, as presented 
before, the comparison between the test results and FE analysis results shows large 
differences.  In addition, especially for the test results, an increased stiffness in the 
bending moment versus lateral displacement plot was observed after all the loading 
blocks in the first layer had been placed, and the placement of the blocks in the second 
layer began (see Figures 9.27, 9.28, 9.47, and 9.48).  The FE analysis results shown 
previously were obtained from FE2 models, which use the elastic buckling modes as the 
initial geometric imperfection shapes.  These initial imperfection shapes were selected 
because of good agreement between the initial lateral sweep of the tubular flanges and the 
elastic buckling modes.  Note that only the top flange (tube) initial geometric 
imperfections (lateral sweep) were measured before the tests as mentioned in Section 
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7.4.2.   
From detailed studies involving analysis of numerous FE models with different 
initial imperfection shapes having different lateral sweeps of the top and bottom flanges, 
it was found that the lateral displacements of the flanges when the test girders are loaded 
are affected by the initial imperfections of both flanges. Additionally, regarding the 
increased stiffness observed in the bending moment versus lateral displacement plots, it 
was found that friction between the deck panels located near each end of the test 
specimen and the tubular flanges has an effect on the lateral displacements when the 
second layer of loading blocks is placed.  
Numerous FE simulations were conducted to investigate the effects of initial 
imperfection shape and friction on the lateral displacements in two steps: (1) to find an 
improved imperfection shape for the bottom flange without changing the imperfection 
shape of the top flange (tube), and (2) to model the friction that appears to occur after the 
first layer of loading blocks has been placed, using the imperfection shape found in step 
(1).  The details of each step are described in the following two sub-sections, respectively.  
Other details of the FE models are the same as those of the FE1 models used for the 
preliminary analyses (see Section 7.5).  Note that in order to eliminate the effect of the 
interior diaphragm used in the Stage 1 test, these new FE simulations focused on the 
Stage 2 test.   
 
9.9.1 EFFECT OF INITIAL IMPERFECTION SHAPE 
For convenience, the measured initial imperfection shapes of the top flange (tube) 
were simplified into sine wave shapes.  By comparison with the measured data and the 
idealized imperfection shapes that were used for the FE1 models and FE2 models (see 
Sections 7.5 and 9.3, respectively), single and double sine waves having the same 
maximum amplitudes as those in the idealized shapes were selected for the initial 
imperfection shapes of the tubes of girder G1 and girder G4, and are referred to as 
simplified imperfection shapes.  Figure 9.94 and Figure 9.95 compare the measured, 
idealized, and simplified imperfection shapes of the tube for girder G1 and girder G4, 
respectively.  Without changing the initial imperfection shape of the tube, possible initial 
imperfection shapes of the bottom flange that would lead to lateral displacement of the 
girder in the south direction were selected using single or double sine waves as shown in 
Figure 9.96.  The selection of these shapes was based on a previous study (in which the 
author participated), which investigated the effect of the imperfection shape of the bottom 
flange on the lateral displacements of rectangular tubular flange girders (Wimer 2004).  
In this figure, Shape 1 through Shape 5 are for girder G1 and Shape 6 through Shape 10 
are for girder G4.  Solid and dotted lines represent initial imperfection shapes of the top 
and bottom flange, respectively.  The difference between these two lines represents twist 
of the section.   
To select the imperfection shape of the bottom flange to be used for further study, the 
FE analysis results based on the different imperfection shapes shown in Figure 9.96 were 
compared to the test results.  Note that the comparisons were made up to end of the first 
layer of loading blocks, and the tube and bottom flange lateral displacements at the mid-
span section and at Sections D and F were compared.  From the comparison, following 
observations were made.  For girder G1: (1) Shape 1 leads to larger lateral displacements 
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than in the tests for all three cross-sections, (2) Shape 3 leads to smaller lateral 
displacements than in the tests for all three cross-sections, (3) Shapes 4 and 5 lead to 
lateral displacements unsymmetrical along the girder length, and (4) Shape 2 leads to 
lateral displacements similar to the test results.  For girder G4: (1) Shapes 6, 7, 8, and 10 
lead to lateral displacements unsymmetrical along the girder length, and (2) Shape 9 leads 
to lateral displacements similar to the test results.  Based on these observations, Shapes 2 
and 9 were selected for the initial imperfection shapes of girder G1 and girder G4, 
respectively.   
Additional analyses were conducted to determine the imperfection amplitude of the 
bottom flange of Shapes 2 and 9, respectively.  It was found after several trials that for 
girder G1, if the amplitude of the bottom flange initial imperfection is 88% of that of top 
flange, then the FE results are similar to the test results.  For girder G4, the amplitude of 
the bottom flange initial imperfection on the east side is 175% of that of top flange, and 
the amplitude on the west side is 75% of that of top flange, then the FE results are similar 
to the test results.  Figure 9.97 and Figure 9.98 show the improved initial imperfection 
shapes for girder G1 and girder G4, respectively.  The FE models with these improved 
initial imperfection shapes are referred to as FE3 models.  As shown in Figure 9.99 
through Figure 9.104 the results of FE3 models are in good agreement with the test 
results up to the placement of first layer of loading blocks at mid-span section and 
Sections D and F for both girders. 
 
9.9.2 EFFECT OF FRICTION 
Prior to conducting FE simulations, possible situations that may allow friction 
between the tube and deck panels, and between the deck panels to brace the girders were 
investigated first. 
It was observed from the experimental lateral displacements of the girders that the 
largest rotation about the weak-axis (y-axis) of the girders occurs near the supports and 
the smallest rotation occurs near mid-span.  In order for the girders and deck panels to 
move freely in the lateral direction, more rotation about the y-axis of the girders was 
required of the deck panels located near the supports than the deck panels located near 
mid-span.  This would be possible if each deck panel moves independently regardless of 
friction between the tubes and deck panels.  However, it was observed before the Stage 2 
test that the deck panels were so close to each other that independent movement of each 
deck panel may not be possible.  Contact between adjacent deck panels can restrain the 
lateral displacements of the girders if friction exists between the tubes and deck panels.  
Note that if friction does not exist between the tubes and deck panels, the lateral 
displacements of the girders will not be restrained by the deck panels even adjacent deck 
panels are in contact with each other.  Based on these observations, it was determined 
that the friction effect is more critical near the supports than near the mid-span.  
Therefore, friction between the end deck panels near the supports, and the tubes was 
studied.   
In the Stage 2 test setup, the friction between the wood shims, which support the 
deck panels, and the deck panels is a concern.  Note that Teflon was inserted between the 
wood shims and the deck panels, as discussed in Section 8.3.1.  The friction is related to 
two things: (1) the normal force produced by the weight of the deck panels and loading 
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blocks, and (2) the lateral force produced by restraining the lateral displacements of the 
girders.  Note that the bottom surfaces of the wood shims, which are in contact with the 
top face of the tubular flanges of the test girders, are assumed to be fixed to the tubes.  
For the Stage 2 test, as described in Section 8.3.3, the placement of the loading blocks 
started from mid-span and continued to both ends in the first layer.  After the first layer of 
loading blocks was placed, the loading blocks were placed in the second layer in the same 
sequence. 
When the first layer of loading blocks is placed near the mid-span, the normal force 
acting on the end deck panels is small so that the friction force capacity is also small, and 
free movement between the deck and girders is possible.  When the first layer of loading 
blocks is placed near the supports, the normal force acting on the end deck panels is not 
small so that the friction force capacity is also not small, but the lateral displacements of 
the girders caused by these loads are negligible.  When the second layer of loading blocks 
is placed, the friction force capacity at the end deck panels is not small because of the 
loading blocks already placed in the first layer.  The rotation about the y-axis of the 
girders will be restrained somewhat by this friction, which decreases the lateral 
displacements of the girders.   
Figure 9.105 (a) and (b) show schematic drawings of friction forces acting on the 
top of the wood shims (and therefore acting on the bottom of the deck panels) and the 
resulting forces transmitted to the top of the girders during the placement of loading 
blocks in the second layer, respectively.  The friction forces in the longitudinal direction 
are required for equilibrium of the deck panels.  The magnitude of the friction forces are 
shown largest on the end panels and the smallest on the middle panels because the 
rotation about the girder y-axis is largest near the supports.  
Only the friction on the girders from the end panels was considered in the FE models.  
As shown in Figure 9.105 (c), the effect of the friction was modeled by rotational spring 
elements located on top of the tube.  Each spring models the moment applied to the girder 
by the friction at the locations of the two wood shims that supported the end deck panels.  
The longitudinal distance between the shim locations allows the friction forces to produce 
a moment about the y-axis of the girder on the top of the tube, which restrains rotation of 
the girder about the y-axis.  Rigid elements were used locally on the top of the tube to 
prevent local deformation near the spring element.  The spring element was made 
effective after the first layer of loading blocks was placed by allowing y-axis rotation 
( yφ ) of the girder, before the rotational spring begins to generate moment, as shown in 
Figure 9.105 (d).  The value of yφ , where the rotational spring begins to generate 
moment, was determined from the nodal y-axis rotation, where the rotational spring 
element was attached, in the FE3 models after the first layer of loading blocks was placed.  
The stiffness of the spring elements was assumed to be linear and was estimated from the 
shear flexibility, in the longitudinal and lateral directions, of the wood shims supporting 
the end deck panels. A value of 83600 kN-m/rad was used.   
The FE models with the improved initial imperfection shapes and the friction model 
at both ends of the girders are referred to as FE4 models.  As shown in Figure 9.106 and 
Figure 9.107, during placement of the second layer of loading blocks in the Stage 2 test, 
the results from the FE4 models appear to be stiffer than the test results.  It was also 
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observed from the comparison between the FE4 model results and test results at Sections 
D (east side) and F (west side) that the FE4 model results are much stiffer than the test 
results at Section D compared to those at Section F. 
Based on these observations, FE models with the improved initial imperfection 
shapes and the friction model at only one end of the girders (the west side), referred to as 
FE5 models, were developed.  The results from the FE5 models are in good agreement 
with the test results at the mid-span section and Sections D and F for both girders (see 
Figure 9.108 through Figure 9.113).  The friction forces that developed at each shim 
were estimated from the rotational spring moment obtained from the FE5 model results 
by dividing by the longitudinal distance between the shim locations.  When the second 
layer of loading blocks was fully placed, the friction forces are only 3.37 kN (0.76 kips) 
and 2.61 kN (0.58 kips) for girder G1 and girder G4, respectively. 
 
9.10 COMPARISON OF FE MODEL RESULTS 
To investigate the behavior of the test girders, several FE models were developed, 
with variation in the loading type, initial imperfection shape, and friction model.  Results 
from these FE models were presented before.  Table 9.5 provides a summary of the 
different FE models.  Note that the FE3 models, FE4 models, and FE5 models were 
developed only for the Stage 2 test.  FE1 models were used in the preliminary analyses to 
estimate the flexural strength of the test girders.  The FE2 models were used for the 
comparison with the test results.  The results of the FE2 models were in good agreement 
with the test results for the in-plane bending behavior (i.e., the longitudinal strain and 
vertical deflection) but not in good agreement with the test results for the out-of-plane 
bending behavior (i.e., the lateral displacement).  The FE3 models, FE4 models, and FE5 
models, therefore, were developed to study the lateral displacements and it was found 
that the results of FE5 models were in good agreement with the test results.   
The initial imperfection shape and friction effect considered in the FE5 models could 
have an effect on the in-plane bending behavior, and this was investigated by comparing 
results from models including these changes with results from the FE2 models.  
Therefore, FE6 models were developed, which include the initial imperfection shape and 
friction model used in the FE5 models, but have the loading model used in the FE2 
models that simulates closely the test loading conditions (see Table 9.5).  The results 
from the FE6 models were compared to those from the FE2 models.  Figure 9.114 and 
Figure 9.115 compare results from the FE2 models and FE6 models for the longitudinal 
strain at the bottom flange of the mid-span section of girder G1 and girder G4, 
respectively.  Similarly, Figure 9.116 and Figure 9.117 compare results from the FE2 
models and FE6 models for the vertical deflection at the mid-span section of girder G1 
and girder G4, respectively.  It is observed from these figures that the in-plane bending 
results from the FE6 models are identical with those from the FE2 models.  Therefore, 
the in-plane behavior of the test girders was reasonably estimated using the FE2 models, 
as shown throughout this chapter by comparison to the test results, while both the in-
plane and out-of plane behavior of the test girders was reasonably estimated using the 
FE5 and FE6 models.  
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Table 9.1  Stiffness obtained from FE and TS analysis results and test results             
(Stage 1 test) 
FE/TS Test/TS
G1 0.994 1.05
G4 0.994 1.04
Test girders
Stiffness
 
 
Table 9.2  Stiffness obtained from FE and TS analysis results and test results              
(Stage 2 test) 
FE/TS Test/TS
G1 0.995 1.04
G4 0.993 1.03
Test girders
Stiffness
 
 
Table 9.3  Stiffness obtained from FE and TS analysis results and test results              
(Stage 3-1 test) 
no deck contribution with deck contribution
G1 0.992 1.11 1.02
G4 0.992 1.12 1.02
Test girders Test/TS
FE/TS
Stiffness
 
 
Table 9.4  Stiffness obtained from FE and TS analysis results and test results               
(Stage 3-2 test) 
no deck contribution with deck contribution
G1 0.992 1.11 1.01
G4 0.992 1.10 1.01
Test girders
Stiffness
FE/TS
Test/TS
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Table 9.5  Description of FE models for test girders 
FE Model Loading Model Imperfection Shape Friction Model
FE1 Distributed load1 Elastic buckling mode3 Not included
FE2 Test load simulation2 Elastic buckling mode3 Not included
FE3 Distributed load1 Sine wave4 Not included
FE4 Distributed load1 Sine wave4 Included at both ends
FE5 Distributed load1 Sine wave4 Included at one end
FE6 Test load simulation2 Sine wave4 Included at one end  
1 applied up to failure 
2 applied in a sequence to simulate the girder self-weight, deck weight, and weight of the 
loading blocks 
3 selected because of good agreement between the measured initial lateral sweep of the 
top flange (tube) and the elastic buckling modes 
4 applied differently for top and bottom flanges and selected because of good agreement 
with test results 
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17.7159.382.5159.317.7 44.2544.25 6 88.5 44.2544.25
Elevation
Bottom of bottom flange
6 6
720
S1
S2
S3
S4
S5
(S6)
(S7)
(S8)
(S9)
(S10)
S18
S19
S20
S21
S22
(S23)
(S24)
(S25)
(S26)
(S27)
(S34)
(S50)
(S53)
(S56)
S41
S44
S47
S81
S82
S83
S84
S85
(S86)
(S87)
(S88)
(S90)
S64
S65
S66
S67
S68
(S69)
(S70)
(S72)
(S73)
S98:bot,E
S101:top,E
S102:top,W
(S97:bot,E)
(S100:top,W)
S92:bot,E
S95:top,E
S96:top,W
(S91:bot,E)
(S94:top,W)
D1 S16 D2 S59 D4
S62
D3
D6 S79 D5 D8
D7
Note
- South side.
- ( ) denotes instrumentation on opposite (north) side.
- top & bot denote top and bottom regions of stiffeners, respectively.
- E & W denote east and west side, respectively .
- All dimensions given in inches. 1 in = 25.4 mm
Mid-span
SectionWest Elastic
Section
East Elastic
Section Sect. A
Sect. BSect. CSect. DSect. E
Sect. FSect. G
 
 
Figure 9.1  Instrumentation identifiers for Stage 1 and Stage 2 tests 
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D1 S17 D2 S60
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(S14)
S11
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(S56)
(S57)
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(S49)
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S95:top,E
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S61
S63
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Note
- South side.
- 
- top & bot denote top and bottom regions of stiffeners, respectively.
- E & W denote east and west side, respectively.
- C denotes circumferential direction in tube. 
- 
( ) denotes instrumentation on opposite (north) side.
All dimensions given in inches. 1 in = 25.4 mm
Mid-span
SectionWest Elastic
Section
East Elastic
Section Sect. A
Sect. BSect. CSect. DSect. E
Sect. FSect. G
 
 
Figure 9.2  Instrumentation identifiers for Stage 3-1 and Stage 3-2 tests 
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Figure 9.3  Lateral displacement instrumentation identifiers 
-30
-20
-10
0
10
20
30
0 10 20 30 40 50
Block number (n)
N
or
m
ili
ze
d 
st
ra
in
 v
ar
ia
tio
n…
...
. 
 
Figure 9.4  Strain variation from gages conditioned by Vishay signal conditioners 
between placement of loading block n-1 and placement of loading block n 
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Figure 9.5  Strain variation from gages conditioned by Higgins signal conditioners 
between placement of loading block n-1 and placement of loading block n 
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Figure 9.6  Correction of strain data conditioned by Higgins signal conditioners 
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Figure 9.7  Longitudinal strain at bottom flange of Section E of girder G1 in Stage 1 test 
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Figure 9.8  Longitudinal strain at bottom flange of Section E of girder G4 in Stage 1 test 
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Figure 9.9  Longitudinal stress at top of concrete infill of Section E of girder G1             
in Stage 1 test 
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Figure 9.10  Longitudinal stress at top of concrete infill of Section E of girder G4           
in Stage 1 test 
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Figure 9.11  Neutral axis of girder G1 in Stage 1 test 
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Figure 9.12  Neutral axis of girder G4 in Stage 1 test 
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Figure 9.13  Longitudinal strain at bottom flange of mid-span section of girder G1          
in Stage 1 test 
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Figure 9.14  Longitudinal strain at bottom flange of mid-span section of girder G4          
in Stage 1 test  
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Figure 9.15  Experimental bottom flange longitudinal strain for girder G1 in Stage 1 test 
 
0
200
400
600
800
1000
1200
1400
1600
1800
0 0.0005 0.001 0.0015 0.002 0.0025 0.003
Longitudinal strain (mm/mm)
M
om
en
t a
t m
id
-s
pa
n 
se
ct
io
n 
(k
N
-m
)
mid-span section
Section E
 
Figure 9.16  FE analysis bottom flange longitudinal strain for girder G1 in Stage 1 test 
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Figure 9.17  Experimental vertical deflection for girder G1 in Stage 1 test 
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Figure 9.18  FE analysis vertical deflection for girder G1 in Stage 1 test 
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Figure 9.19  Vertical deflection at Section F of girder G1 in Stage 1 test 
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Figure 9.20  Experimental vertical deflection for girder G4 in Stage 1 test 
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Figure 9.21  FE analysis vertical deflection for girder G4 in Stage 1 test 
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Figure 9.22  Vertical deflection at Section F of girder G4 in Stage 1 test 
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Figure 9.23  Experimental vertical deflection at mid-span section in Stage 1 test 
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Figure 9.24  FE analysis vertical deflection at mid-span section in Stage 1 test 
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Figure 9.25  Vertical deflection at mid-span section of girder G1 in Stage 1 test 
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Figure 9.26  Vertical deflection at mid-span section of girder G4 in Stage 1 test 
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Figure 9.27  Lateral displacement at mid-span section of girder G1 in Stage 1 test 
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Figure 9.28  Lateral displacement at mid-span section of girder G4 in Stage 1 test 
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Figure 9.29  Longitudinal strain at bottom flange of Section E of girder G1 in Stage 2 test 
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Figure 9.30  Longitudinal strain at bottom flange of Section E of girder G4 in Stage 2 test 
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Figure 9.31  Neutral axis of girder G1 in Stage 2 test 
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Figure 9.32  Neutral axis of girder G4 in Stage 2 test 
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Figure 9.33  Longitudinal strain at bottom flange of mid-span section of girder G1          
in Stage 2 test 
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Figure 9.34  Longitudinal strain at bottom flange of mid-span section of girder G4          
in Stage 2 test  
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Figure 9.35  Experimental bottom flange longitudinal strain for girder G1 in Stage 2 test 
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Figure 9.36  FE analysis bottom flange longitudinal strain for girder G1 in Stage 2 test 
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Figure 9.37  Experimental vertical deflection for girder G1 in Stage 2 test 
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Figure 9.38  FE analysis vertical deflection for girder G1 in Stage 2 test 
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Figure 9.39  Vertical deflection at Section F of girder G1 in Stage 2 test 
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Figure 9.40  Experimental vertical deflection for girder G4 in Stage 2 test 
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Figure 9.41  FE analysis vertical deflection for girder G4 in Stage 2 test 
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Figure 9.42  Vertical deflection at Section F of girder G4 in Stage 2 test 
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Figure 9.43  Experimental vertical deflection at mid-span section in Stage 2 test 
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Figure 9.44  FE analysis vertical deflection at mid-span section in Stage 2 test 
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Figure 9.45  Vertical deflection at mid-span section of girder G1 in Stage 2 test 
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Figure 9.46  Vertical deflection at mid-span section of girder G4 in Stage 2 test 
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Figure 9.47  Lateral displacement at mid-span section of girder G1 in Stage 2 test 
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Figure 9.48  Lateral displacement at mid-span section of girder G4 in Stage 2 test 
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Figure 9.49  Experimental longitudinal strain at bottom flange of Section E of girder G1 
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Figure 9.50  Longitudinal strain at bottom flange of Section E of girder G1 in Stage 3-1 
test 
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Figure 9.51  Longitudinal strain at bottom flange of Section E of girder G4 in Stage 3-1 
test 
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Figure 9.52  Neutral axis of girder G1 in Stage 3-1 test 
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Figure 9.53  Neutral axis of girder G4 in Stage 3-1 test 
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Figure 9.54  Friction effect on neutral axis of girder G1 in Stage 3-1 test 
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Figure 9.55  Experimental neutral axis of girder G1 
0
200
400
600
800
1000
1200
1400
1600
1800
2000
0 0.0005 0.001 0.0015 0.002 0.0025 0.003
Longitudinal strain (mm/mm)
M
om
en
t a
t m
id
-s
pa
n 
se
ct
io
n 
(k
N
-m
)
test
FE
 
Figure 9.56  Longitudinal strain at bottom flange of mid-span section of girder G1          
in Stage 3-1 test  
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Figure 9.57  Longitudinal strain at bottom flange of mid-span section of girder G4           
in Stage 3-1 test 
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Figure 9.58  Experimental bottom flange longitudinal strain for girder G1 in Stage 3-1 
test 
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Figure 9.59  FE analysis bottom flange longitudinal strain for girder G1 in Stage 3-1 test 
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Figure 9.60  Experimental vertical deflection for girder G1 in Stage 3-1 test 
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Figure 9.61  FE analysis vertical deflection for girder G1 in Stage 3-1 test 
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Figure 9.62  Vertical deflection at Section F of girder G1 in Stage 3-1 test 
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Figure 9.63  Experimental vertical deflection for girder G4 in Stage 3-1 test 
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Figure 9.64  FE analysis vertical deflection for girder G4 in Stage 3-1 test 
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Figure 9.65  Vertical deflection at Section F of girder G4 in Stage 3-1 test 
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Figure 9.66  Experimental vertical deflection at mid-span section in Stage 3-1 test 
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Figure 9.67  FE analysis vertical deflection at mid-span section in Stage 3-1 test 
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Figure 9.68  Vertical deflection at mid-span section of girder G1 in Stage 3-1 test 
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Figure 9.69  Vertical deflection at mid-span section of girder G4 in Stage 3-1 test 
 
0
200
400
600
800
1000
1200
1400
1600
1800
-5 0 5 10 15 20
Lateral displacement (mm)
M
om
en
t a
t m
id
-s
pa
n 
se
ct
io
n 
(k
N
-m
)
tube
bottom flange
 
Figure 9.70  Experimental lateral displacement at mid-span section of girder G1             
in Stage 3-1 test 
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Figure 9.71  Experimental lateral displacement at mid-span section of girder G4             
in Stage 3-1 test 
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Figure 9.72  Experimental lateral displacement at top flange (tube) of mid-span section of 
girder G1 
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Figure 9.73  Experimental longitudinal strain at bottom flange of Section E of girder G1 
 
0
500
1000
1500
2000
2500
0 0.001 0.002 0.003 0.004 0.005 0.006
Longitudinal strain (mm/mm)
M
om
en
t a
t S
ec
tio
n 
E 
(k
N
-m
)
test
FE
My
Mmax in Stage 3-1
 
Figure 9.74  Longitudinal strain at bottom flange of Section E of girder G1 in Stage 3-2 
test 
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Figure 9.75  Longitudinal strain at bottom flange of Section E of girder G4 in Stage 3-2 
test 
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Figure 9.76  Neutral axis of girder G1 in Stage 3-2 test 
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Figure 9.77  Neutral axis of girder G4 in Stage 3-2 test 
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Figure 9.78  Longitudinal strain at bottom flange of mid-span section of girder G1          
in Stage 3-2 test 
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Figure 9.79  Longitudinal strain at bottom flange of mid-span section of girder G4          
in Stage 3-2 test 
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Figure 9.80  Experimental bottom flange longitudinal strain for girder G1 in Stage 3-2 
test 
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Figure 9.81  FE analysis bottom flange longitudinal strain for girder G1 in Stage 3-2 test 
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Figure 9.82  Experimental vertical deflection for girder G1 in Stage 3-2 test 
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Figure 9.83  FE analysis vertical deflection for girder G1 in Stage 3-2 test 
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Figure 9.84  Vertical deflection at Section F of girder G1 in Stage 3-2 test 
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Figure 9.85  Experimental vertical deflection for girder G4 in Stage 3-2 test 
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Figure 9.86  FE analysis vertical deflection for girder G4 in Stage 3-2 test 
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Figure 9.87  Vertical deflection at Section F of girder G4 in Stage 3-2 test 
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Figure 9.88  Experimental vertical deflection at mid-span section in Stage 3-2 test 
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Figure 9.89  FE analysis vertical deflection at mid-span section in Stage 3-2 test 
 
0
500
1000
1500
2000
2500
-400 -350 -300 -250 -200 -150 -100 -50 0
Vertical deflection (mm)
M
om
en
t a
t m
id
-s
pa
n 
se
ct
io
n 
(k
N
-m
)
test
FE
My
Mmax in Stage 3-1
 
Figure 9.90  Vertical deflection at mid-span section of girder G1 in Stage 3-2 test 
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Figure 9.91  Vertical deflection at mid-span section of girder G4 in Stage 3-2 test 
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Figure 9.92  Experimental lateral displacement at top flange (tube) of mid-span section of 
girder G1 
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Figure 9.93  Experimental lateral displacement at top flange (tube) of mid-span section of 
girder G4 
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Figure 9.94  Initial imperfection shapes of top flange (tube) for girder G1 
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Figure 9.95  Initial imperfection shapes of top flange (tube) for girder G4 
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Figure 9.96  Possible initial imperfection shapes leading to lateral displacement to the 
south 
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Figure 9.97  Improved initial imperfection shape for girder G1 
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Figure 9.98  Improved initial imperfection shape for girder G4 
 306
0
200
400
600
800
1000
1200
1400
0 5 10 15 20 25 30 35
Lateral displacement (mm)
M
om
en
t a
t m
id
-s
pa
n 
se
ct
io
n 
(k
N
-m
)
test (tube)
test (bottom flange)
FE3 (tube)
FE3 (bottom flange)
End of first layer placement
 
Figure 9.99  Experimental and FE analysis (FE3) lateral displacement at mid-span section 
of girder G1 in Stage 2 test 
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Figure 9.100  Experimental and FE analysis (FE3) lateral displacement at mid-span 
section of girder G4 in Stage 2 test 
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Figure 9.101  Experimental and FE analysis (FE3) lateral displacement at Section D of 
girder G1 in Stage 2 test 
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Figure 9.102  Experimental and FE analysis (FE3) lateral displacement at Section D of 
girder G4 in Stage 2 test 
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Figure 9.103  Experimental and FE analysis (FE3) lateral displacement at Section F of 
girder G1 in Stage 2 test 
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Figure 9.104  Experimental and FE analysis (FE3) lateral displacement at Section F of 
girder G4 in Stage 2 test 
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Figure 9.105  Friction effect on lateral displacement of girder 
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Figure 9.106  Experimental and FE analysis (FE4) lateral displacement at mid-span 
section of girder G1 in Stage 2 test 
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Figure 9.107  Experimental and FE analysis (FE4) lateral displacement at mid-span 
section of girder G4 in Stage 2 test 
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Figure 9.108  Experimental and FE analysis (FE5) lateral displacement at mid-span 
section of girder G1 in Stage 2 test 
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Figure 9.109  Experimental and FE analysis (FE5) lateral displacement at mid-span 
section of girder G4 in Stage 2 test 
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Figure 9.110  Experimental and FE analysis (FE5) lateral displacement at Section D of 
girder G1 in Stage 2 test 
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Figure 9.111  Experimental and FE analysis (FE5) lateral displacement at Section D of 
girder G4 in Stage 2 test 
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Figure 9.112  Experimental and FE analysis (FE5) lateral displacement at Section F of 
girder G1 in Stage 2 test 
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Figure 9.113  Experimental and FE analysis (FE5) lateral displacement at Section F of 
girder G4 in Stage 2 test 
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Figure 9.114  FE analysis longitudinal strain at bottom flange of mid-span section of 
girder G1 in Stage 2 test 
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Figure 9.115  FE analysis longitudinal strain at bottom flange of mid-span section of 
girder G4 in Stage 2 test 
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Figure 9.116  FE analysis vertical deflection at mid-span section of girder G1 in Stage 2 
test 
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Figure 9.117  FE analysis vertical deflection at mid-span section of girder G4 in Stage 2 
test 
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CHAPTER 10  
DESIGN RECOMMENDATIONS 
 
10.1 INTRODUCTION 
An initial design study, analytical studies, and experimental studies of concrete-
filled tubular flange girders (CFTFGs) in positive flexure, where the concrete-filled 
tubular flange is the top (compression) flange, were conducted and the results of these 
studies were presented in previous chapters, as follows.  In Chapter 3, preliminary design 
criteria for CFTFGs, where the concrete-filled tubular flange is either composite or non-
composite with the concrete deck, are presented.  In Chapters 4 through 6, finite element 
(FE) models of non-composite CFTFGs and an analytical investigation using these FE 
models are presented.  In Chapters 7 through 9, an experimental investigation of non-
composite CFTFGs is presented in detail. 
Based on the results of the analytical (FE) investigation and the experimental 
investigation, modifications to the preliminary design criteria were made where needed, 
and recommended design criteria for CFTFGs were developed and are presented in this 
chapter.  Section 10.2 presents an overview of the recommended design criteria.  Section 
10.3 presents detailed design criteria for composite CFTFGs.  Section 10.4 presents 
detailed design criteria for non-composite CFTFGs. 
 
10.2 GENERAL 
Design recommendations presented in this chapter apply to flexure of straight 
CFTFGs symmetrical about a vertical axis in the plane of the web.  These 
recommendations cover the following: 
• Composite sections with a concrete deck in positive flexure, where the concrete-
filled tubular flange is the top (compression) flange. 
• Non-composite sections in positive or negative flexure, where the concrete-filled 
tubular flange is the compression flange. 
 
The design criteria presented in this chapter are compatible with the 2004 AASHTO 
LRFD Bridge Design Specifications (AASHTO 2004).  CFTFGs should be designed to 
satisfy the following requirements, at least: 
• The strength I limit state requirements. 
• The constructibility requirements. 
• The service II limit state requirements. 
• The fatigue limit state requirements. 
 
Strength I limit state requirements ensure that strength and stability, both local and global, 
are provided to resist the set of loading conditions that represents the maximum loading 
under normal use of the bridge (service conditions).  Constructibility requirements ensure 
that adequate strength is provided to resist the set of loading conditions that develop 
during critical stages of construction, but under which nominal yielding or reliance on 
post-buckling resistance is not permitted.  Service II limit state requirements restrict 
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yielding and permanent deformation of the steel structure under the set of loading 
conditions that represent normal service conditions.  Fatigue limit state requirements 
restrict the stress range due to the passage of the fatigue design truck. 
 
10.3 COMPOSITE SECTIONS 
Sections consisting of a CFTFG section connected with shear connectors to a 
concrete deck that provide proven composite action and lateral support are considered 
composite sections. 
 
10.3.1 STRENGTH I LIMIT STATE 
Flexural Strength 
Composite sections are designed as compact sections by satisfying the following 
conditions: 
• Compact section web slenderness limit: 
ycweb
cp
F
E76.3
T
D
2 ≤                                                                                                (10.1) 
• Tube local buckling requirement: 
yctube
tube
F
E8.2
T
D ≤                                                                                                (10.2) 
where, cpD  is the depth of the web in compression at the composite compact section 
moment, scccM , webT  is the web thickness, E  is the elastic modulus of the steel, ycF  is the 
yield stress of the compression flange (tube steel), Dtube is the tube outside diameter, and 
Ttube is the tube thickness.  Equation (10.2) was derived from the condition that a tubular 
flange should not buckle locally before yielding in compression.  The details of this 
equation are discussed in Section 3.2.3. 
The design criterion for flexure of composite CFTFGs for the strength I limit state is 
as follows: 
nfu MM φ≤                                                                                                          (10.3) 
where, uM  is the largest value of the major-axis bending moment throughout an 
unbraced length due to the factored loads as specified in Table 3.1, fφ  is the resistance 
factor for flexure, taken as 1.0 in the 2004 AASHTO LRFD specifications (AASHTO 
2004), and nM  is the nominal flexural strength.   
The nominal flexural strength is taken as: 
sc
ccn MM =                                                                                                             (10.4) 
sc
ccM  is determined using an equivalent rectangular stress block for the concrete and an 
elastic perfectly plastic stress-strain curve for the steel as discussed in Section 3.2.2. 
 
Shear Strength 
The design criterion for shear of composite CFTFGs for the strength I limit state is 
as follows: 
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nvu VV φ≤                                                                                                             (10.5) 
where, uV  is the shear in the web at the section under consideration due to the factored 
loads as specified in Table 3.1, vφ  is the resistance factor for shear, taken as 1.0 in the 
2004 AASHTO LRFD specifications (AASHTO 2004), and nV  is the nominal shear 
strength determined as specified in Article 6.10.9 of the 2004 AASHTO LRFD 
specifications (AASHTO 2004) without modification.  Note that all of the vertical shear 
force is assumed to be carried by the web.   
 
10.3.2 CONSTRUCTIBILITY 
The design criteria developed from this research apply only when the following 
conditions are satisfied: 
• Web slenderness limit for “stocky web” under flexure: 
yc
b
web
c
F
E
T
2D λ≤                                                                                                  (10.6) 
• Web slenderness limit to minimize web distortion: 
3
1
yctweb
web
F
E11
T
D



≤                                                                                              (10.7) 
• Transverse stiffeners are provided at three (or more) locations along the span (i.e., 
quarter-span, mid-span, and three quarter-span) plus the bearing locations (more 
details are presented below). 
where, cD  is the depth of the web in compression at the yield moment ( yM ) for the 
CFTFG when it is non-composite with the concrete deck, bλ  is a coefficient related to 
the boundary conditions provided to the web by the flanges, webD  is the web depth, and 
yctF  is the smaller of the yield stress for the compression flange and the yield stress for 
the tension flange.   
If the area of the compression flange (the transformed area of the steel tube plus the 
concrete infill) is less than that of tension flange, the value of bλ  is based on the 
theoretical elastic bend buckling coefficient, k, of 23.9 for simply supported boundary 
conditions.  Thus, the value of bλ  is 4.64.  Otherwise, as in the 1998 AASHTO LRFD 
specifications (AASHTO 1998), the value of bλ  is based on a value of k between the 
value for simply supported boundary conditions and the theoretical k value of 39.6 for 
fixed boundary conditions.  In this case, the value of bλ  is 5.76.   
The web slenderness requirement shown in Equation (10.7) is based on the selected 
stiffener arrangement used in the present research, which has only three intermediate 
stiffeners as well as two bearing stiffeners.  The details behind this equation are discussed 
in Section 5.5.3. 
yM  for a CFTFG non-composite with the concrete deck is taken as the smaller of the 
yield moment based on analysis of a linear elastic transformed section, tryM , and the yield 
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moment based on strain compatibility, scyM .  yM  is also the smaller of the yield moment 
with respect to the compression flange, ycM , and the yield moment with respect to the 
tension flange, ytM .  In calculating 
tr
yM , the concrete in the steel tube is transformed to 
an equivalent area of steel using the modular ratio (
cE
En = , where, cE  is the elastic 
modulus of concrete).  scyM  is calculated based on an equivalent rectangular stress block 
for the concrete in the steel tube and a linear elastic stress-strain curve for the steel with 
the yield strain, yε , reached at either the top or bottom fiber.  A suggestion, that should 
be used with care, is that when the ratio of the yield stress of the tube steel, ytubeF , to the 
compressive strength of the concrete infill, 'cf , is smaller than 8.5, yM  is taken as 
tr
yM .  
Otherwise, yM  is taken as 
sc
yM .  The details of yM  calculations are discussed in Section 
3.2.2. 
The selected stiffener arrangement of three transverse stiffeners along the span, used 
in the present research, minimizes the effect of section distortion on the LTB strength 
without requiring too many stiffeners.  The following suggestions are made: 
• The stiffeners are placed in pairs on each side of web. 
• The bearing and intermediate transverse stiffeners are made identical to simplify 
fabrication. 
• The total width of each pair of stiffeners, including the web thickness, is 95% of the 
smaller of the tube outside diameter and the bottom flange width. 
• The intermediate stiffeners are equally spaced between the bearing stiffeners. 
• The yield stress of the stiffeners is equal to yield stress of the steel elements of the 
girder cross-section. 
 
The design criterion for flexure of composite CFTFGs for constructibility has the 
same form as Equation (10.3).  The factored loads are specified in Table 3.1. 
The nominal flexural strength is taken as: 
ds
br
dn MandMMM ≤=                                                                      (10.8) 
where, brdM  is determined from the design flexural strength formulas for torsionally 
braced S-CFTFGs (Equation (6.27)) discussed in Section 6.5, sM  is the cross-section 
flexural capacity taken as the smaller of the yield moment, yM , and the non-composite 
compact section moment, scnccM , and dM  is determined from the ideal design flexural 
strength formulas (Equation (5.1)), and corresponds to buckling between the brace points, 
as discussed in Section 5.5.2.  scnccM  is determined using an equivalent rectangular stress 
block for the concrete and an elastic perfectly plastic stress-strain curve for the steel as 
discussed in Section 3.2.2. 
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10.3.3 SERVICE II LIMIT STATE 
The design criterion for composite CFTFGs for the service II limit state is as 
follows: 
yfhbf FRR95.0f ≤                                                                                              (10.9) 
where, ff  is the flexural stress in the flanges caused by the factored loads, bR  is the load-
shedding factor, hR  is the hybrid factor, and yfF  is the yield stress of the flange.  Note 
that bR  accounts for the nonlinear variation of stresses caused by local buckling of 
slender webs subjected to flexural stresses (a coefficient ≤  1.0 (AASHTO 2004) and hR  
is accounts for the nonlinear variation of stresses caused by yielding of the lower strength 
steel in the web of a hybrid girder (a coefficient ≤  1.0 (AASHTO 2004)).   
Two different approaches are used to include the concrete in the steel tube in the 
calculation of the flexural stress.  The first approach uses a transformed section to include 
the concrete in the tube, and the second approach uses an equivalent rectangular stress 
block for the concrete. 
When scy
tr
y MM ≤ , then the transformed section approach is used for the concrete in 
the steel tube, and the flexural stresses are calculated as the sum of the stresses due to 
following individual loading conditions: 
• The factored DC moment acting on the non-composite section, where the long-term 
composite section is used to account for the concrete in the steel tube. 
• The factored DW moment acting on the long-term composite section, where the 
concrete in the steel tube is neglected. 
• The factored LL moment acting on the short-term composite section, where the 
concrete in the steel tube is neglected. 
 
When scy
tr
y MM > , then the equivalent rectangular stress block approach is used for 
the concrete in the steel tube, and the flexural stresses are calculated as the sum of the 
stresses due to following individual loading conditions: 
• The factored DC moment acting on the non-composite section, where the equivalent 
rectangular stress block is used to account for the concrete in the steel tube. 
• The factored DW moment acting on the long-term composite section, where the 
concrete in the steel tube is neglected. 
• The factored LL moment acting on the short-term composite section, where the 
concrete in the steel tube is neglected. 
The long-term composite section is a transformed section based on an increased modular 
ratio (i.e., 3n) to account for the creep of the concrete that will occur over time.  The 
short-term composite section is a transformed section based on the usual modular ratio 
(i.e., n).  The details of these calculations are discussed in Section 3.2.3. 
 
10.3.4 FATIGUE LIMIT STATE 
The design criterion for composite CFTFGs for the fatigue limit state is as follows: ( ) ( )nFf ∆≤∆γ                                                                                                     (10.10) 
where, γ  is the load factor specified in Table 3.1, f∆  is the stress range due to the 
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fatigue load, and ( )nF∆  is the nominal fatigue resistance as specified in Article 6.6.1.2.5 
of the 2004 AASHTO LRFD specifications (AASHTO 2004). 
f∆  is calculated using the transformed section approach.  The concrete in the steel 
tube and concrete deck are transformed to an equivalent area of steel using the short-term 
composite section.  The details of these calculations are discussed in Section 3.2.3. 
 
10.4 NON-COMPOSITE SECTIONS 
Sections consisting of a CFTFG that is not connected to the concrete deck by shear 
connectors are considered non-composite sections. 
 
10.4.1 STRENGTH I LIMIT STATE 
Flexural Strength 
Non-composite sections are designed to be either compact sections or non-compact 
sections by satisfying the following conditions: 
• Compact sections satisfy the compact section web slenderness limit given by 
Equation (10.1): 
• Non-compact sections satisfy the non-compact section web slenderness limit given 
by: 
ycweb
c
F
E7.5
T
D
2 <                                                                                                (10.11) 
• Compact sections and non-compact sections satisfy the tube local buckling 
requirement given by Equation (10.2): 
 
The design criterion for flexure of non-composite CFTFGs for the strength I limit 
state is expressed in the same form as Equation (10.3).  The nominal flexural strength is 
determined from Equation (10.8) with small modifications.  If the girders are laterally 
braced by the deck, it is assumed that the attachments to the deck provide perfectly lateral 
and torsional bracing.  Therefore, for calculating brdM  for Equation (10.8), the unbraced 
length (Lb) between attachments to the deck is used instead of the span length (L) in 
Equations (6.30) and (6.31).  If the deck does not brace the girders, the span length (L) is 
used to calculate brdM  for Equation (10.8).  In both cases, the cross-section flexural 
capacity, sM , is taken as 
ycpcs MRM =                                                                                                      (10.12) 
where, pcR  is the web plastification factor for the compression flange determined as 
discussed in Section 5.5.2, and ycM  is the yield moment with respect to the compression 
flange determined as discussed in Section 3.2.2 
 
Shear Strength 
The design recommendations for shear of non-composite CFTFGs for the strength I 
limit state are the same as those for composite CFTFGs given in Section 10.3.1. 
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10.4.2 CONSTRUCTIBILITY 
Design recommendations for non-composite CFTFGs for the constructibility are the 
same as those for composite CFTFGs given in Section 10.3.2. 
 
10.4.3 SERVICE II LIMIT STATE 
The design criterion for non-composite CFTFGs for the service II limit state is as 
follows: 
yfhbf FRR80.0f ≤                                                                                            (10.13) 
Similar to composite CFTFGs, two different approaches (i.e., the transformed 
section approach and the equivalent rectangular stress block approach) are used to 
include the concrete in the steel tube in the calculating the flexural stress.   
When scy
tr
y MM ≤ , then the transformed section approach is used for the concrete in 
the steel tube, and the flexural stresses are calculated as the sum of the stresses due to 
following individual loading conditions: 
• The factored DC moment and DW moment acting on the non-composite section, 
where the long-term composite section is used to account for the concrete in the 
steel tube. 
• The factored LL moment acting on the non-composite section, where the short-term 
composite section is used to account for the concrete in the steel tube. 
 
When scy
tr
y MM > , then the equivalent rectangular stress block approach is used for 
the concrete in the steel tube, and the flexural stresses are calculated as the sum of the 
stresses due to following individual loading conditions: 
• The factored DC, DW, and LL moments acting on the non-composite section, where 
the equivalent rectangular stress block is used to account for the concrete in the steel 
tube. 
 
The details on these calculations are discussed in Section 3.2.3. 
 
10.4.4 FATIGUE LIMIT STATE 
Design recommendations for non-composite CFTFGs for the fatigue limit state are 
the same as those for composite CFTFGs given in Section 10.3.4, except for the 
calculation of f∆ .  The calculation of f∆  is based on the short-term composite section, 
including only the steel girder and the concrete in the steel tube.  The details on these 
calculations are discussed in Section 3.2.3. 
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CHAPTER 11  
SUMMARY, CONCLUSIONS, AND RECOMMENDATIONS        
FOR FUTURE WORK 
 
11.1 SUMMARY 
High performance steels (HPS) are offering new opportunities to design cost-
effective steel bridges that take advantage of the high strength, corrosion resistance, 
fracture toughness, and weldability of HPS.  Under certain conditions, however, HPS 
bridge girder designs are controlled by design limits that are not influenced by steel 
strength and the use of HPS may be uneconomical.  To overcome some of these design 
limits, I-shaped girders with tubular flanges have been proposed.  This report focuses on 
concrete-filled tubular flange girders (CFTFGs) in positive bending regions where the 
concrete-filled tube is the compression flange.  
CFTFGs have several advantages, including: (1) the concrete-filled tubular flange 
provides more strength, stiffness, and stability than a flat plate flange with the same 
amount of steel, and (2) the vertical dimension of the tube reduces the depth of the web, 
overcoming problems with web slenderness design limits.  The objectives of this research 
were: (1) to investigate the flexural strength and stability of CFTFGs, (2) to compare 
CFTFGs with conventional steel I-girders, (3) to develop finite element (FE) models that 
provides insight into the behavior of CFTFGs, (4) to provide experimental data 
demonstrating the advantages of CFTFGs over conventional I-girders, and demonstrating 
their ability to carry factored design loads, and (5) to develop and propose design criteria 
for CFTFGs.  To accomplish these objectives, the following research tasks were 
conducted: (1) initial design study, (2) FE parametric study, (3) experimental study, and 
(4) design recommendations.  
 
Initial Design Study 
In order to investigate the influence of bridge design parameters such as the number 
of diaphragms, the number of stiffeners, and fatigue details on the design of CFTFGs, 
and to identify the possible advantages of CFTFGs, an initial design study was conducted.  
The CFTFGs were designed to be either fully-composite with the concrete bridge deck or 
non-composite, and to have minimum steel weight.  The minimum steel weight CFTFGs 
were compared with minimum weight conventional steel I-girders that were designed to 
be fully-composite with the deck.   
The prototype bridge for the initial design study has a simply-supported single span 
of 40.0 m and a width of 15.2 m.  The concrete deck is 254 mm thick with a specified 
minimum compressive strength of 27.6 MPa.  The bridge has four straight girders equally 
spaced at 3.8 m with 1.9 m deck overhangs.  The conventional I-girders were designed 
with HPS 485W steel.  The composite CFTFGs were designed with HPS 485W steel and 
27.6 MPa concrete.  The non-composite CFTFGs were designed with the following 
combinations: (1) HPS 485W steel and 27.6 MPa concrete, and (2) HPS 690W steel and 
55.2 MPa concrete.  The CFTFGs were designed with stocky webs that reduce cross-
section distortion and web out-of-plane bending. 
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Design criteria for strength, stability, service, and fatigue were used in the CFTFG 
design study.  AASHTO LRFD specifications (1998) for web stability, shear strength, 
and fatigue of I-girders were used without modification.  New design criteria for both 
composite and non-composite compact-section positive flexural strength (for strength 
under service conditions) and non-composite positive flexural strength considering LTB 
and/or yielding (for strength under construction conditions) were developed.   
The composite and non-composite compact-section positive flexural strengths were 
based on an equivalent rectangular stress block for concrete and an elastic perfectly 
plastic stress-strain behavior for steel.  For composite sections, the strain at the extreme 
concrete compression fiber, which is at the top of the deck, was assumed to be 0.003.  For 
non-composite sections, the strain was assumed to be 0.003 at the top of the concrete in 
the steel tube. 
For non-composite flexural strength considering LTB and/or yielding, the AASHTO 
LRFD specifications (1998) treat I-girders with stocky webs differently than those with 
slender webs.  For stocky web I-girders, cross-section distortion is neglected, and the St. 
Venant torsional stiffness is included in computing the elastic LTB strength.  In addition, 
inelastic LTB is neglected for stocky web I-girders.  For slender web I-girders, the St. 
Venant torsional stiffness is neglected in computing the elastic LTB strength, and the 
inelastic LTB strength is approximated by a linear function of unbraced length.  However, 
for CFTFGs with stocky webs, inelastic LTB was considered, and a linear function of 
unbraced length was developed to estimate the inelastic LTB strength.  
To calculate the yield moment, the smaller of the results from two approaches were 
used: (1) a transformed section approach in which concrete in the tube is transformed to 
an equivalent area of steel using the modular ratio; and (2) a strain compatibility 
approach that is based on an equivalent rectangular stress block for the concrete in the 
steel tube and an elastic stress-strain behavior for the steel. 
 
FE Parametric Study 
The general purpose finite element package ABAQUS was used for the parametric 
study of CFTFGs.  The FE models developed for the parametric study accounted for steel 
yielding, concrete failure, local buckling, and composite interaction between the steel 
tube and the concrete infill.  The study focused on strength and stability limit states.   
The parametric study was conducted in two parts: (1) on CFTFGs that were assumed 
to be perfectly braced laterally and torsionally at the locations of diaphragms that brace 
the girders (in this case, the unbraced length is defined as the distance between two brace 
points), and (2) on CFTFGs that were assumed to be torsionally braced, but not laterally 
braced at the locations of diaphragms that brace the girders (in this case, the LTB strength 
is estimated based on the total girder length including the stiffness of the torsional 
bracing).  Three limit states were used to define LTB strength from FE analysis results.  
The first limit state is the limit of instability (LI), which is the point of maximum moment.  
The second limit state is the onset of instability (OI), which is the point when the strain 
increment reverses at any location on the cross-section due to lateral bending.  The third 
limit state is first yielding of the steel (FY), which was checked at either the center of the 
bottom flange or the tube outer surface.   
For CFTFGs perfectly braced laterally and torsionally at girder brace points, the 
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parametric study investigated the influence of girder geometry and material strengths on 
the flexural strength and LTB capacity of CFTFGs.  The diameter-to-thickness ratio of 
the tubes, the depth-to-thickness ratio of the web, width-to thickness ratio of the bottom 
flange, and length of the girder were varied.  HPS 485W and HPS 690W steels and 27.6 
MPa and 55.2 MPa concrete strengths were also used.  Analyses of FE models of 
unstiffened CFTFGs (US-CFTFGs) were conducted first.  Based on these results, 
transverse stiffeners were introduced to increase the LTB strength by reducing cross-
section distortion.  A suitable stiffener arrangement, defined as the arrangement that 
minimized the effect of cross-section distortion on the LTB strength without requiring too 
many stiffeners, was suggested.  Analyses of FE models of stiffened CFTFGs (S-
CFTFGs) were conducted for selected stiffener arrangements.  Based on parametric study 
results for S-CFTFGs, design flexural strength formulas (referred to as ideal design 
flexural strength formulas) for S-CFTFGs, considering LTB and/or yielding, were 
developed.  Separate formulas were developed for construction and service conditions.  A 
new web slenderness requirement was developed to allow the ideal design flexural 
strength formula to be conservative for S-CFTFGs with the selected stiffener 
arrangement (i.e., with minimum stiffeners). 
For CFTFGs braced torsionally without lateral bracing, the parametric study 
investigated the influence of initial geometric imperfections and the stiffness of the 
torsional braces on the flexural strength and LTB capacity of CFTFGs.  The girder 
geometry and material strengths were fixed in this study.  Based on the parametric study 
results, design flexural strength formulas (referred to as design flexural strength formulas 
considering torsional brace stiffness) for construction and service conditions of 
torsionally braced S-CFTFGs, considering LTB and/or yielding, were developed.  In 
addition, analytical studies of torsionally braced conventional I-girders were conducted 
and the assumption of the LTB design approach of the current AASHTO LRFD 
specifications (AASHTO 2004) (i.e., at interior brace points, the girders are perfectly 
braced laterally and torsionally) for torsionally braced conventional I-girders was verified. 
 
Experimental Study 
Non-composite CFTFGs were selected for the experimental study.  The objective of 
the experimental investigation was to demonstrate the advantages of CFTFGs, and to 
demonstrate the capability of CFTFGs to carry their factored design loads without 
damage.   
The investigation considered two different conditions: (1) construction conditions, 
which are the loads and support conditions that occur during erection of the bridge and 
placement of the deck, and where the flexural strength is controlled by the LTB strength, 
and (2) service conditions, which are the loads and support conditions that occur during 
normal use of the bridge, where the flexural strength is controlled by the cross-section 
flexural capacity.  For both conditions, the maximum test loads were more than the 
factored design loads.  However, for construction conditions, to prevent yielding and 
permanent deformation of the girders during the tests, the maximum test loads were less 
than the loads causing either yielding or excessive lateral displacement.  For service 
conditions, to prevent sudden failure during the tests, the maximum test loads were less 
than the loads causing failure (i.e., the girders were not tested to failure). 
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The geometry of the test girders was chosen based on the results of the initial design 
study for the prototype bridge.  HPS 690W steel and 55.2 MPa concrete were selected for 
the test girders.  Three intermediate transverse stiffeners, as well as bearing stiffeners, 
were used in the test girders.  To reduce the size and cost of the test specimen, a 0.45 
scale factor was used, resulting in a span of 0.45 x 40 m = 18 m, and a test specimen with 
only two girders, rather than the four girders of the prototype bridge, was tested.   
The experimental program included four different tests of the scaled two-girder test 
specimen.  The Stage 1 test is the test under construction conditions with one interior 
diaphragm at the mid-span and two end diaphragms.  The Stage 2 test is the test under 
construction conditions without any interior diaphragms, and only the two end 
diaphragms.  The Stage 3-1 test and Stage 3-2 test are tests under service conditions 
without interior diaphragms, but braced by the deck at discrete locations.  Only one test 
(the Stage 3-1 test) under service conditions was planned. However, unexpected lateral 
displacements during the Stage 3-1 test were observed and therefore this test was 
terminated early. Another test under service conditions (the Stage 3-2 test) was conducted 
subsequently. 
For each test, FE simulations were conducted and the FE simulation results were 
compared to the experimental results. 
 
Design Recommendations 
From the comparison of proposed design flexural strength formulas with the 
experimental and FE results, the adequacy of the design approach used for the initial 
design study was checked and improvements were made where needed.  Based on these 
results, final design criteria were recommended. 
 
11.2 FINDINGS 
The initial design study provided the following findings: 
• For the composite compact-section positive flexural strength of CFTFGs, the strain 
compatibility approach can reasonably approximate the actual stress distribution, 
and thus this approach should accurately estimate the flexural strength. 
• When the ratio of the yield stress of the steel tube to the compressive strength of the 
concrete infill is smaller than 8.5, it is suggested that the yield moment is calculated 
using the transformed section approach.  Otherwise, the yield moment is calculated 
using the strain compatibility approach. 
• For composite conventional I-girders, as the stiffener spacing increases, the total 
weight of the girders increases, because the web thickness increases to provide 
enough shear strength while the top and bottom flanges stay fairly constant. 
• For the composite conventional I-girders, as the fatigue details are improved from 
Category C' to Category B, the total steel weight of the girders decreases, because 
for girders designed with Category C' fatigue details, the fatigue limit state governs 
the size of the bottom flange, but for girders designed with Category B fatigue 
details, the size of the bottom flange is not controlled by the fatigue limit state. 
• For the composite conventional I-girders, as the spacing of the diaphragms is 
increased, the total weight of the girders increases, because the size of the top flange 
must be increased to provide enough LTB strength.   
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• For the composite CFTFGs, the increase in the web thickness, as the number of 
stiffeners is decreased, results in an increase in the total weight of the girders.  
However, the increase in weight is smaller for the composite CFTFGs than for the 
composite I-girders. 
• For the composite CFTFGs, the increase in the bottom flange size, as the fatigue 
details are changed from Category B fatigue details to Category C', results in an 
increase in the total weight of the girders.  However, the bottom flange size does not 
increase as dramatically for the composite CFTFGs as for the composite I-girders, 
because when Category C' fatigue details are used, the bottom flange size is 
controlled by either the fatigue limit state or the service II limit state (i.e., the fatigue 
limit state controls only for some cases). 
• For the composite CFTFGs, the girders designed with the Scheme 1 diaphragm 
arrangement (two end diaphragms and four interior diaphragms) are exactly the 
same as the girders designed with the Scheme 9 diaphragm arrangement (two end 
diaphragms and one interior diaphragm).  This result indicates that the additional 
diaphragms used in the Scheme 1 arrangement are not needed.  When the interior 
diaphragms are eliminated completely for the Scheme 10 diaphragm arrangement, 
an increase in the tubular flange size is observed since these designs are controlled 
by the LTB strength under the construction conditions. The increase tubular flange 
size results in an increase in the total weight of the girders. 
• For the non-composite CFTFGs, the girders designed with the Scheme 1 diaphragm 
arrangement are exactly the same as those designed with the Scheme 9 diaphragm 
arrangement, again indicating the additional diaphragms in the Scheme 1 
arrangement are not needed. 
• The composite CFTFGs are significantly lighter than the composite conventional I-
girders, even when a large diaphragm spacing is used.  Thus, the composite CFTFGs 
have the advantages of decreased steel weight, and decreased fabrication and 
erection effort (i.e., from using fewer diaphragms). 
• The non-composite CFTFGs are heavier in total girder steel weight than composite 
CFTFGs but less construction effort is required for the non-composite CFTFGs. 
 
The FE parametric study of the CFTFGs perfectly braced laterally and torsionally at 
girder brace points (i.e., at diaphragm locations) provided the following findings: 
• Even for sections designed to satisfy the 1998 AASHTO LRFD stocky web 
condition, the LTB strength from the FE elastic buckling analyses is smaller than the 
LTB strength from theory due to cross-section distortion from out-of-plane bending 
of the web in the FE models.  The significant torsional rigidity of the tubular flange 
increases the tendency for the web to distort. 
• The LTB strength from the elastic buckling analyses of modified FE models (the 
models without distortion, in which rotations about the longitudinal axis of all nodes 
on the cross-section are constrained to be equal) is in good agreement with the 
theoretical LTB strength. 
• The flexural strength of CFTFGs is affected by the contact stresses between the steel 
tube and concrete infill.  The contact stresses increase the compressive strength of 
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the concrete infill by confinement, and decrease the uniaxial yield stress of the steel 
tube by requiring tensile hoop stresses in the tube. 
• The concrete infill contributes to increasing the LTB strength.  However, for 
CFTFGs with long unbraced lengths, the contribution of the concrete infill is 
relatively small compared to the contribution of the concrete infill for CFTFGs with 
short and intermediate unbraced lengths. 
• For the CFTFGs with short unbraced lengths, the yield moment from cross-section 
analysis using the smaller of the values from the transformed section approach and 
the strain compatibility approach provides slightly conservative results compared to 
the FE analysis results. 
• A significant increase in LTB strength is obtained from using three intermediate 
stiffeners equally spaced along the span regardless of the stiffener thickness.  The 
LTB strength increase results from the reduction in cross-section distortion provided 
by the stiffeners.  The added strength increase from using more than three stiffeners 
is small. 
• For the CFTFGs with short unbraced lengths, the behavior of the girder is mainly 
controlled by in-plane bending up to yielding, and, after yielding, the out-of-plane 
bending influences the behavior of the girder. 
• For the CFTFGs with long unbraced lengths, out-of-plane bending influences the 
behavior of the girder at very early stages of loading so that excessive lateral 
displacement occurs before yielding. 
• The flexural strength of CFTFGs that are perfectly braced laterally and torsionally at 
the locations of diaphragms, and have the selected stiffener arrangement (i.e., three 
intermediate stiffeners), is predicted with appropriate conservatism by the ideal 
design flexural strength formulas proposed in Chapter 5 if the cross-section has a 
web with sufficient out-of-plane bending stiffness. 
 
The FE parametric study of the CFTFGs and conventional I-girders with discrete 
torsional bracing and without lateral bracing provided the following findings.  These 
findings are based on the FE results for girders with the Scheme 9 diaphragm 
arrangement (two end diaphragms and one interior diaphragm at mid-span) and the 
Scheme 10 diaphragm arrangement (two end diaphragms and no interior diaphragms). 
• Torsional bracing at mid-span does not have an effect on increasing the LTB 
strength when the girder has the DS imperfection shape (the second buckling mode 
shape obtained from elastic buckling analysis of the girder with the Scheme 10 
diaphragm arrangement, which includes lateral displacement and twist in a double 
half sine wave along the span length). 
• When the girder has the SS imperfection shape (the first buckling mode shape 
obtained from elastic buckling analysis of the girder with the Scheme 10 diaphragm 
arrangement, which includes lateral displacement and twist in a single half sine 
wave along the span length) or the CS imperfection shape (a combination of the first 
and second buckling mode shapes from elastic buckling analysis of the girder with 
the Scheme 10 diaphragm arrangement), perfect torsional bracing at mid-span does 
not restrain the lateral displacement of the brace point of the girder. 
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• If girders have sufficiently stiff torsional bracing at mid-span, the LTB strength for 
the girders with the SS or CS imperfection shape is slightly larger than that for the 
girders with the DS imperfection shape.  The LTB strength of girders with the DS 
imperfection shape is in accordance with the assumption of the LTB design 
approach of the current AASHTO LRFD specifications (AASHTO 2004) (i.e., at 
interior brace points, the girders are perfectly braced laterally and torsionally).  
• For I-girders, sufficiently stiff torsional bracing can be easily achieved.  However, 
for CFTFGs, sufficiently stiff torsional bracing cannot be easily achieved, because 
the required stiffness of the torsional bracing for CFTFGs is much larger than that 
for I-girders, while the available torsional bracing stiffness for both girders is similar 
and is limited by the primary bending flexibility of the girders, especially when the 
system includes only a few girders. 
• For I-girders with torsional bracing provided by typical diaphragms or cross-frames, 
the LTB design approach of the current AASHTO LRFD specifications (AASHTO 
2004) (i.e., at interior brace points, the girders are perfectly braced laterally and 
torsionally) appears to be conservative. 
• For CFTFGs with torsional bracing provided by typical diaphragms or cross-frames 
and with the selected stiffener arrangement (i.e., three intermediate stiffeners) the 
ideal design flexural strength formulas (which assume the girders are perfectly 
braced laterally and torsionally at diaphragms) are not conservative. 
• The flexural strength of CFTFGs with torsional bracing provided by typical 
diaphragms or cross-frames, having the selected stiffener arrangement (i.e., three 
intermediate stiffeners) is predicted with appropriate conservatism by the design 
flexural strength formulas considering torsional brace stiffness proposed in Chapter 
6 if the cross-section has a web with sufficient out-of-plane bending stiffness. 
 
The experimental study and comparisons with FE analysis results provided the 
following findings: 
• The experimental study of non-composite CFTFGs demonstrated their capability to 
carry factored design loads under construction and service conditions. 
• The lateral displacements of the test girders under applied vertical loading are 
affected by the initial imperfection shapes of both the compression and tension 
flanges. 
• For the tests under service conditions, the deck has a contribution to resisting the 
applied load, even though it is not composite with the test girders. 
• The bending stiffness and the neutral axis location of CFTFGs can be estimated 
using the transformed section approach. 
• The yield moment of CFTFGs can be estimated from section analysis using the 
smaller of the values from the transformed section approach and the strain 
compatibility approach. 
• The detailed structural behavior of CFTFGs can be determined from analyses of FE 
models. 
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11.3 CONCLUSIONS 
Based on the research presented in this report, the following conclusions are drawn: 
• The advantages of CFTFGs over conventional I-girders for bridges include reduced 
steel weight, and reduced fabrication and erection effort from the elimination of 
diaphragms. 
• The fundamental structural behavior of CFTFGs, including the bending stiffness, 
neutral axis location, yield moment, and cross-section flexural capacity, can be 
accurately estimated using cross-section analyses. 
• The detailed structural behavior of CFTFGs, including the LTB strength, can be 
accurately estimated using analyses of FE models. 
• The advantages of CFTFGs over conventional I-girders and their ability to carry 
factored design loads were verified from the experimental data. 
• Design recommendations presented in this report are conservative for the flexural 
design of CFTFGs.  In particular, the proposed design flexural strength formulas 
considering torsional brace stiffness are recommended for calculating the flexural 
strength of CFTFGs with torsional bracing provided by typical diaphragms or cross-
frames. 
 
11.4 LIMITATIONS FOR DESIGN RECOMMENDATIONS 
The recommended design criteria presented in this report can be used for the design 
of CFTFGs in bridges under the following conditions: 
• The CFTFGs are straight and designed for construction loading conditions, strength 
and service loading conditions, and fatigue loading conditions. 
• The CFTFGs are composite with the concrete deck in positive flexure, where the 
concrete-filled tubular flange is the top (compression) flange, or the CFTFGs are 
non-composite with the concrete deck in positive or negative flexure, where the 
concrete-filled tubular flange is the compression flange. 
• The CFTFGs are designed to have at least three evenly spaced intermediate 
transverse stiffeners to control cross-section distortion and thereby to maintain the 
LTB strength. 
• The CFTFGs satisfy the web slenderness requirement proposed in the report, which 
is based on the web plate bending stiffness. 
 
11.5 RECOMMENDATIONS FOR FUTURE WORK 
• The use of transverse stiffeners has been recommended to control cross-section 
distortion and thereby to maintain the LTB strength.  However, a detailed study 
regarding the strength and stiffness of these stiffeners was not conducted, and, 
therefore, a detailed study of this topic should be conducted. 
• In the FE parametric study, residual stresses were not included in the steel.  
Therefore, a FE parametric study of the flexural strength of CFTFGs considering the 
residual stresses in the steel should be conducted.  The results of this study should 
be compared with the design flexural strength formulas proposed in this report. 
• The ultimate strength of CFTFGs was not investigated experimentally in this 
research.  Therefore, it is recommended that laboratory experiments be conducted to 
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investigate the ultimate strength of CFTFGs.  The recommended experiments should 
use test specimens with a simply supported single unbraced length without a deck.  
Sufficient bracing should be provided at the supports.  Detailed initial imperfection 
measurements of the tube, web, and bottom flange should be made. 
• This research focused on CFTFGs for simple span bridges.  In this application, the 
concrete-filled tube is used as the top (compression) flange.  The initial design study, 
FE analytical study, and experimental study were based on this application.  From 
the results of these studies, recommended design criteria were developed.  Similar 
studies of CFTFGs for continuous span bridges are needed.   
• The CFTFGs studied in this research have circular tubes.  An initial design study 
and an experimental study of CFTFGs with rectangular tubes were conducted by 
Wimer (2004).  A FE parametric study of the flexural strength of CFTFGs with 
rectangular tubes should be conducted and the applicability of the design flexural 
strength formulas proposed in this report to CFTFGs with rectangular tubes should 
be verified.   
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